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SUMMARY 
 

This report documents the results of a study of on-system historic metal truss bridges in Texas. 
This study was conducted as part of a larger research project on Preservation Alternatives for Historic 
Metal Truss Bridges. The overall objective of this larger project was to develop information and tools to 
aid engineers and decision-makers in addressing problems with historic metal truss bridges in Texas, with 
a goal of maintaining these bridges in vehicular service.  
 

This report specifically addresses “on-system” metal truss bridges in Texas. On-system bridges 
are those on the state highway system, and are found on state highways, US highways, farm-to-market 
routes, ranch-to-market routes, interstate frontage roads, etc. The surviving on-system historic trusses in 
Texas were typically constructed in the 1920s and 1930s, and were designed by the Texas Department of 
Transportation for H10 to H15 truck loads. 

 
The primary objective of this study was to investigate methods that can be used to develop an 

accurate and realistic load rating for an older on-system truss bridge. Based on commonly used evaluation 
procedures, many of these older truss bridges may show deficient load ratings based on current standards. 
This study examined if such low load ratings accurately reflect the true load carrying capacity of these 
bridges, and whether more realistic load ratings can be achieved through the use of more accurate 
structural analysis methods and field load testing. 

  
In order to examine issues involved in the structural evaluation of older on-system truss bridges, 

two case study bridges were investigated in detail.  The first case study bridge was located in Llano, 
Texas, and the second in Goliad, Texas.  These bridges, typical of the circa 1930 on-system truss bridges 
in Texas, featured Parker trusses and non-composite slab on steel girder floor systems.  Each bridge was 
studied through the use of conventional load rating techniques, through the use of more advanced 
structural analysis models, and through extensive field load testing.  In addition to the two detailed case 
studies, a full scale laboratory experimental investigation was conducted on a single bay of a typical slab 
on steel girder truss bridge floor system in order to examine the structural response of the floor system in 
greater detail. 

 
An initial evaluation of the case study bridges indicated that the truss members themselves did 

not pose a problem with respect to inadequate load ratings. Rather, the primary structural deficiency in 
these bridges was inadequate capacity of the steel floor beams and stringers, based on conventional load 
rating techniques. The analysis and field load testing conducted on the case study bridges and the 
laboratory investigation therefore focused primarily on the bridge floor systems. 

The first case study bridge studied in detail was located in Llano, Texas.  Known as the Roy Inks 
Bridge, the main structure spans approximately 800 ft. over the Llano River, and was constructed in 1936.  
The bridge consists of four main spans, each approximately 200 ft. in length.  Each span is a Parker 
through-truss, with a non-composite slab on steel beam and stringer floor system.  The yield strength of 
the steel was not specified on the available drawings for the Llano bridge.  Given unknown material 
properties, the American Association of State Highway and Transportation Officials (AASHTO) provides 
guidelines for values to use based on the date of construction.  For the Llano bridge, this resulted in an 
estimate of yield strength of steel equal to 30 ksi. This value was used in the initial load rating, which 
showed inventory ratings below HS20 for the steel beams and stringers in the bridge floor system, using 
standard AASHTO load-rating techniques.   

The original mill certificates for the steel used in the Llano bridge were subsequently located. 
These mill certificates indicated that the yield stress of the beams and stringers was at least 36 ksi, a 
substantial increase over the initially assumed value of 30 ksi.  Tensile tests conducted on steel samples 
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removed from the floor beams confirmed the higher yield stress values indicated on the mill certificates.  
Using a yield stress of 36 ksi, longitudinal stringers rated above HS20.  Transverse beams, while still 
rating under HS20, had their load deficiency reduced to approximately 10 percent.  Obtaining more 
accurate estimates of steel material properties by recovering mill certificates and by removing and testing 
samples of steel from the bridge proved to be a useful and economical measure to develop an improved 
load rating. 

As the next step in the investigation of the Llano bridge, an elastic finite element model was 
developed for the bridge floor system to determine if a higher load rating could be justified by using 
analysis methods that are more advanced and more exact than used in conventional load rating.  The 
model was constructed using commercially available finite element analysis software. The model was 
constructed to represent a floor system with no composite action between the steel members and the 
concrete slab.  AASHTO HS20 truck loads were applied in positions on the model to produce maximum 
flexural response for both stringers and beams.  The maximum moments due to live load effects were 
computed and used to load rate the members. 

The finite element analysis showed significantly lower moments in the stringers and beams than 
conventional AASHTO calculations.  This reduction in moment was attributed to two factors.  One factor 
was that the finite element analysis predicted that the reinforced concrete slab resists substantial moment, 
thereby reducing the moment that must be carried by the steel beams and stringers.  Thus, even without 
composite action, the finite element analysis showed that the slab provides a significant contribution to 
the load carrying capacity of the bridge deck.  A second factor was that the finite element analysis 
predicted a different and more advantageous distribution of load among the steel members than obtained 
from AASHTO calculations. 

The critical members controlling the load rating of the Llano bridge were the transverse floor 
beams.  With the reduction in live load moment predicted by finite element analysis combined with a 
yield stress based on measured values, it was possible to demonstrate an inventory load rating for the 
transverse beams, and therefore for the entire bridge, in excess of HS20.  Consequently, the use of simple 
finite element analysis for the bridge floor system proved to be a valuable tool for developing an 
improved load rating. 

Field load tests were subsequently conducted on the Llano Bridge to obtain the most accurate 
assessment of live load effects on the floor system, and to assess the accuracy of the finite element model.  
In these tests, selected portions of the floor system were instrumented with strain gages.  Trucks of known 
weight and geometry were then driven slowly over the bridge, and the response of the instrumented 
members was measured. 

The field test data showed live load stresses in the floor beams and stringers that were 
significantly lower than predicted by the standard AASHTO load rating.   In many cases, the field test 
data showed stresses that were less than half of those predicted by standard AASHTO calculations.  This 
confirmed that the bridge floor system was significantly stronger than indicated by the standard load 
rating, and that an increased load rating for the bridge floor members is justified. 

The field test data also showed live load stresses smaller than predicted by the finite element 
model of the bridge floor system.  However, the difference between the field test data and the finite 
element model predictions were much smaller than the difference with the standard load rating 
calculations. Thus, the finite element model, although predicting much smaller stresses than standard load 
rating calculations, still provided conservative predictions compared to field test data. 

Subsequent to the Llano field tests, an opportunity arose to investigate a similar truss bridge 
located on US 183, crossing the San Antonio River in Goliad, Texas.  The Goliad bridge was very similar 
to the Llano bridge, except that it was slightly smaller, and consisted of only one span, as compared to the 
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four spans at Llano.  The floor system of the Goliad bridge was also very similar to that of the Llano 
bridge, consisting of a non-composite slab over steel beams and stringers.   
 

Similar to the Llano bridge case study, the floor system of the Goliad bridge was evaluated three 
ways: by conventional AASHTO load rating calculations, by elastic finite element analysis, and by field 
load testing.  The Goliad bridge was scheduled for replacement and demolition, and the bridge was load 
tested just prior to demolition.  Consequently, the testing was performed to a much higher load, since a 
limited amount of yielding could be tolerated.  The highest loading used in the Goliad test was 
approximately a 57 kip axle load, almost 80 percent higher than an HS20 axle.   

 
The overall trend in results for the Goliad bridge was quite similar to the Llano bridge.  Stresses 

in the floor members predicted by the AASHTO calculations were significantly higher than the stresses 
predicted by finite element analysis.  The stresses predicted by finite element analysis, in turn, were 
somewhat higher than those measured in the field test.  The Goliad field load test confirmed that the finite 
element model of the bridge deck provided a significantly more accurate prediction of member response 
than that obtained from conventional AASHTO calculations.  The stresses measured in the floor beams 
and stringers were significantly lower than predicted by the AASHTO calculations, indicating that the 
conventional AASHTO calculations significantly underestimated bridge deck capacity.  The stresses 
predicted by the finite element analysis were much closer, although still somewhat higher, compared to 
those measured in the field test.  Thus, as was the conclusion from the Llano test, the Goliad test indicated 
that the finite element analysis provides a very useful tool for load rating.  The finite element analysis 
provides a more realistic, but still somewhat conservative prediction of the response of the bridge floor 
members to truck loading. 

 
As with the Llano bridge, the deck of the Goliad truss bridge did not have shear connectors for 

the development of composite action.  The field test data for the Goliad bridge showed the development 
of some composite action, primarily in the longitudinal stringers.  A similar observation was made in the 
Llano field tests.  Other researchers have observed such unintended composite action in other field tests 
on bridges without mechanical shear connectors.  The question arises as to whether this additional 
strength can be utilized in the evaluation and load rating of the bridge deck. Data collected in the Goliad 
field test showed that at higher load levels slip occurred between the steel and concrete, and that most of 
the unintended composite action was lost. Based on the data collected in the Goliad field test, it appears 
that such unintended composite action may not be sufficiently reliable for use in capacity determinations. 

 
The final task of this research study was an experimental investigation of a full-scale portion of a 

non-composite slab on steel girder bridge deck.  The laboratory model was similar in member sizes and 
geometry to the bridge decks on the Llano and Goliad truss bridges.  The primary goal of the 
experimental study was to provide further data on the distribution of forces and stresses within the beams 
and stringers of the floor system and to corroborate the field test data and finite element analysis.   The 
laboratory bridge deck model was also subsequently used for preliminary evaluation of a potential 
strengthening scheme for the bridge deck. 

 
Loads were applied to the laboratory model at a variety of locations and with varying magnitudes.  

For each load case, the stresses measured in the beams and stringers were compared to the stresses 
predicted using conventional AASHTO load rating calculations and using an elastic finite element model. 
The same trends seen in the case study bridges were also seen in the laboratory experimental 
investigation.  The stresses measured in the transverse beams and longitudinal stringers of the laboratory 
bridge deck model were significantly less than the stresses predicted using calculation methods typically 
used for AASHTO load rating.  Simple finite element modeling of the laboratory bridge deck specimen 
predicted stresses much closer to the measured values.  However, the stresses predicted by the finite 
element model were still somewhat higher than the measured values.  The laboratory model confirmed 
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that a simple finite element analysis of the bridge deck can provide a significantly improved prediction of 
stresses as compared to conventional AASHTO based calculations, while still providing overall 
conservative results. 

 
Overall, the results of this study have shown that the use of standard AASHTO load rating 

techniques substantially underestimates the strength of the floor beams and stringers.  A significantly 
more accurate prediction of the structural response of the floor members to truck live loads can be 
achieved by conducting an elastic finite element analysis of the bridge floor system.  Comparison with 
extensive field load test results and with laboratory test results shows that finite element analysis provides 
a more realistic but still somewhat conservative prediction of floor member response.  Analysis of the 
floor system using a finite element model can be used to support a significantly improved load rating for 
historic on-system truss bridges. 
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Chapter 1: 
Introduction 

1.1 BACKGROUND 
There are several hundred older metal truss bridges that remain in vehicular service in the state of 

Texas, many in the range of 70 to over 100 years in age.  A number of these bridges are of historical 
interest due to their age or other unique features, and are either listed or eligible for the National Register 
of Historic Places. Considerable interest exists in maintaining historic metal truss bridges in continued 
vehicular service. However, achieving this goal is often problematic due to structural and functional 
deficiencies found in these bridges. The structural load rating can often be low due to the initial low 
design loads used for the bridge combined with damage and deterioration that has occurred over the long 
service life of the bridge. In addition to structural problems, historic metal truss bridges also frequently 
have functional deficiencies due to narrow widths and constricted vertical clearances. An examination of 
issues associated with the structural capacity of historic metal truss bridges is the primary focus of this 
report. 

The work reported herein is part of a larger project conducted for the Texas Department of 
Transportation (TxDOT) entitled: “Preservation Alternatives for Historic Metal Truss Bridges.” (TxDOT 
Project 0-1741). The overall objectives of this larger project were to develop information and tools to aid 
engineers and decision-makers involved with historic metal truss bridges and to help maintain these 
bridges in vehicular service. 

Historic metal truss bridges in Texas can be divided into two broad categories: “on-system” 
bridges and “off-system” bridges. On-system bridges are those on the state highway system, and are 
found on state highways, US highways, farm-to-market routes, ranch-to-market routes, interstate frontage 
roads, etc. The surviving on-system historic trusses in Texas were typically constructed in the 1920s and 
1930s, and were designed by TxDOT for H10 to H15 loads. On-system historic metal truss bridges are 
the subject of this report. 

“Off-system” bridges are those not on the state highway system, and are typically found on 
county roads or city streets. Many of the off-system historic truss bridges in Texas were constructed in the 
late 1800’s or early 1900’s. These bridges were often designed and erected by private bridge companies. 
The off-system bridges are typically constructed of light steel, wrought iron or cast iron components and 
frequently have timber decks. Many of the off-system trusses pre-date the automobile, and originally 
carried horse traffic and livestock. 

Research for Project 0-1741 was organized into the following tasks: 

1. Conduct a survey of literature and of the practices of other Departments of Transportation 
(DOTs) on metal truss bridge evaluation and rehabilitation. 

2. Conduct a case study of an off-system historic metal truss bridge. 

3. Conduct a case study of an on-system historic metal truss bridge. 

4. Conduct laboratory studies on floor systems representative of on-system historic truss bridges 
in Texas. 

5. Conduct studies on the application of historic preservation principles to projects involving 
historic metal truss bridges. 

This report addresses Tasks 3 and 4 of the overall project. Tasks 1 and 2 have been completed 
previously, and results are reported elsewhere. An extensive literature survey on the evaluation and 
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rehabilitation of metal truss bridges was conducted under Task 1, and is reported by Thiel, et al (2002). 
This document includes an annotated bibliography of literature on historic metal truss bridges, a survey of 
practices of other state DOTs in addressing problems with historic metal truss bridges, and a discussion 
and synthesis of the literature and the DOT survey. The interested reader is referred to Thiel, et al (2002) 
for an extensive review and discussion of the literature on historic metal truss bridges.  

Task 2 of Project 0-1741 was a case study of an off-system historic metal truss bridge in Texas. 
Results of this Task are reported by Maniar, et al (2003). The primary objective of Task 2 was to address 
structural issues involved with off-system truss bridges. More specifically, Task 2 examined methods that 
can be used to develop an accurate and realistic load rating for a historic off-system metal truss bridge, 
and methods that can be used to strengthen the bridge, if needed. The case study bridge for Task 2 was 
located in Shackelford County, Texas and was constructed in 1885. For this case study bridge, Maniar, et 
al (2003) describes collection of data, evaluation of materials, structural analysis and load rating, field 
load testing, and development of rehabilitation options.  

1.2 PROJECT OBJECTIVES AND SCOPE 
As described above, this report addresses Tasks 3 and 4 of the overall project on Preservation 

Alternatives for Historic Metal Truss Bridges. More specifically, this report is concerned with addressing 
structural issues involved with on-system historic metal truss bridges in Texas. The primary objective of 
this study is to investigate methods that can be used to develop an accurate and realistic load rating for an 
older on-system truss bridge. Based on commonly used evaluation procedures, many of these older truss 
bridges may show deficient load ratings based on current standards. This study will examine if such low 
load ratings accurately reflect the true load carrying capacity of these bridges, and whether more realistic 
load ratings can be achieved through the use of more accurate structural analysis methods and field load 
testing. This study will also briefly examine a potential technique for strengthening floor systems on older 
truss bridges. 

To investigate structural issues involved with on-system historic metal truss bridges, two case 
study bridges were chosen as a central focus of this study. The primary case study bridge is located in 
Llano, Texas. Constructed in 1936, the Llano case study bridge features Parker trusses and a floor system 
consisting of a noncomposite concrete slab on steel beams and stringers. Additional investigation was 
also conducted on a second case truss bridge located in Goliad, Texas in order to augment information 
collected on the Llano bridge. The Llano and Goliad case study bridges were chosen as typical examples 
of surviving on-system historic metal truss bridges in Texas. 

The investigation of the case study bridges included the development of standard load ratings, 
more advanced structural analysis of the bridges using finite element analysis, and extensive field load 
testing. An initial evaluation of the case study bridges indicated that the truss members themselves did not 
pose a problem with respect to inadequate load ratings. Rather, the primary structural deficiency in these 
bridges was inadequate capacity of the steel floor beams and stringers, based on conventional load rating 
techniques. The analysis and field load testing conducted on the case study bridges therefore focused 
primarily on the bridge floor systems. In addition to the two detailed case studies, a full scale laboratory 
experimental investigation was conducted on a single bay of a typical slab on steel girder truss bridge 
floor system in order to examine the structural response of the floor system in greater detail. 

Chapter 2 of this report provides an overview of the Llano case study bridge, including the results 
of material tests conducted on samples of steel removed from the bridge. Chapter 2 also presents the 
results of a conventional load rating for the bridge. As noted above, the steel floor beams and stringers 
controlled the load rating of the bridge.  

In Chapter 3, a detailed elastic finite element analysis is conducted on the floor system of the 
Llano bridge. The response and load rating of the floor beams and stringers based on the finite element 
analyses are compared with those based on conventional load rating calculations.  
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Chapter 4 presents the results of field load tests conducted on the floor system of the Llano 
bridge. In these field tests, trucks with known axle weights are driven over the bridge, and the actual 
stresses in the floor beams and stringers are measured. These measured stresses are then compared with 
the stresses predicted both by conventional load rating calculations and by finite element analysis, in 
order to assess the accuracy of the stress predictions.  

Chapter 5 describes additional load testing conducted on the second case study truss bridge 
located in Goliad, Texas. The Goliad bridge was scheduled for demolition. Consequently, the bridge 
could be tested at much higher loads than were possible at Llano, since was there less concern about 
potential yielding and damage of the bridge during load testing. The Goliad bridge therefore provided a 
unique opportunity for testing well beyond normal design loads. Stresses measured in the floor beams and 
stringers of the Goliad bridge were also compared to stresses predicted by finite element analysis to 
provide further assessment of the accuracy of the predicted stresses. 

Chapter 6 of this report describes laboratory tests on a full-scale portion of a slab on steel girder 
bridge deck typical of those found in on-system truss bridges. The laboratory tests were conducted to 
provide further insight into the actual stresses developed in the floor beams and stringers, and to further 
assess the accuracy of finite element model predictions. The laboratory model was also used to provide a 
preliminary assessment of a potential technique for strengthening the floor system. 

Finally, Chapter 7 presents a summary of the key findings of this study and describes implications 
for load rating of on-system historic metal truss bridges.  
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Chapter 2: 
Llano Bridge Case Study Overview 

2.1 INTRODUCTION 
As a part of this research, two case study bridges were selected to examine approaches for 

evaluating historic truss bridges.  This chapter focuses on one of those case studies, the Roy Inks Bridge 
in Llano, Texas.  Presented in this chapter are the background and description of the structure, along with 
results of American Association of State Highway and Transportation Officials (AASHTO) load ratings 
of the members.  Comparisons between the Allowable Stress and Load Factor ratings are given, as well as 
the results of material tests to determine the yield stress of the steel.   

2.2 OVERVIEW AND DESCRIPTION OF THE LLANO BRIDGE 

2.2.1 Introduction 
The first of the bridges selected as a case study is a four span bridge in Llano, Texas.  Formally 

known as the Roy Inks Bridge, the main structure spans approximately 800 feet crossing the Llano River.  
Located near the center of town, it is the main entryway from the north to the downtown area.  Figure 2.1 
shows an aerial view of the bridge.  The location of the bridge is highlighted on the map in Figure 2.2.  
The 1991 TxDOT estimate of the Average Daily Traffic (ADT) was 9,100 vehicles per day. 

 

Figure 2.1 Aerial photo of Roy Inks Bridge  
(photo courtesy of Texas Department of Transportation) 

The bridge was completed in September of 1936 and was built to replace an 1892 structure that 
was destroyed in a 1935 flood.  The bridge was nominated in 1988 for the United States Department of 
Interior National Register of Historic Places. 
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Figure 2.2 Location of Llano case study bridge 

2.2.2 Bridge Details 
The overall shape can identify a particular truss.  The Llano Bridge is known as a Parker truss.  

The Parker is basically a Pratt truss with a polygonal top chord, and is distinguished by having diagonal 
members in tension and vertical members in compression under dead loads.  Three of the four spans of 
the Llano Bridge may be seen in Figure 2.3, and a schematic with dimensions for one span can be seen in 
Figure 2.4.  The Llano configuration is on occasion referred to as a Camelback truss, which is simply a 
specific type of Parker characterized by exactly five pairs of equal slopes on the top chord.   

 

Figure 2.3 Three of the four spans of the Llano Bridge 
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9 @ 22' 3/4" = 198' 6-3/4"

26'30' 6"33' 6"35'

 

Figure 2.4 Llano bridge profile with dimensions 

The details of the bridge were obtained from copies of Texas State Highway Department 
(TxDOT) drawings dated October 1935.  Details were subsequently verified by field measurements.  The 
truss is constructed of rolled W8x40 sections, (diagonals and the outer most verticals) and built up 
members (verticals and both top and bottom chords).  The built up sections are typically double channels 
with riveted lacings and/or cover plates.  Member details were compiled from either the AISC Manual of 
Steel Construction (AISC 1994), or for the obsolete truss members, from Structural Data, (Mosher 1923) 
or from an AISC manual listing of obsolete sections (AISC 1990). 

The bridge deck is a reinforced concrete slab on steel beams and stringers as depicted in 
Figures 2.5 through 2.8.  The slab is 6-½ inches thick with both longitudinal and transverse #5 
reinforcement bars.  Longitudinal reinforcement was placed approximately 13 in. on center between 
longitudinal steel members, and transverse reinforcement was spaced approximately 6 in. on center.  
Transverse reinforcement was bent to accommodate both positive negative moments in the slab (see 
Figures 2.6 and 2.7).   

 

 

54”

26' Clear 

 

Figure 2.5 Deck longitudinal stringers and slab 

 

Figure 2.6 Longitudinal and transverse reinforcement in the bridge deck 
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Figure 2.7 Bent configuration of transverse reinforcement 

 

25' 10.5" 

20.25" 

4' 6" 

 

Figure 2.8 Transverse beam attached to the truss verticals,  
with connecting longitudinal stringers 

Each deck slab segment is approximately 22 ft. in length and extends from panel point to panel 
point of the lower chord.  Longitudinal reinforcing steel is not continuous across segments, and there are 
construction joints at the end of each of the deck segments.  Longitudinal stringers are W18x50 sections, 
21 ft. - 1l in. long.  Transverse beams, located at each of the panel points of the bottom chord, are 
W33x132 sections, 25 ft. - 10-½ in. long.  Longitudinal members are riveted to the transverse members 
with double clip angles (L6x4x 3/8), and transverse members are riveted directly to vertical members of 
the truss with double clip angles (L6x4x 7/16).  There are no mechanical shear connectors between the 
slab and the steel sections.  Consequently, the deck was originally designed non-compositely.  The yield 
stress of the reinforcing steel, as well as the design compressive strength of the concrete was not reported 
on the available drawings.  The yield stress of the truss and deck-framing members also was not reported 
on the drawings.  For unknown steel, AASHTO requires the use of a yield stress based on the 
construction date (AASHTO, 1994).  In the Llano Bridge, the yield stress for structural steel specified by 
AASHTO based on year built was 30 ksi.   

One feature found in this bridge was that the longitudinal stringers were attached in such a 
manner that their top flanges were higher than the top flange of the transverse beam.  This distance varied 
with each member due to the camber of the transverse member, but is on the order of 1 inch.  The effect 
of this connection was that the slab rested directly on top of the transverse beams, but the longitudinal 
stringers were embedded approximately 1 in. into the bottom of the slab.  This detail is shown in 
Figure 2.9.  It is not known why this detail was incorporated, but one possible explanation may have been 
to ensure full lateral stability of the top flange under positive moment.   
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Figure 2.9 Detail of longitudinal stringer embedment 

The railing of the bridge consisted of channel sections directly connected to the vertical and diagonal 
members of the truss, as shown in Figure 2.10.  In between the verticals and diagonals, rails are attached 
to the outermost stringers with angles, as shown in Figure 2.11.  Because of the relatively small size and 
relatively flexible connections to the deck, the railing was not considered structurally significant, and not 
included in the analysis.   

 

 

Figure 2.10 Railing attached to vertical and diagonal truss members 

 

Figure 2.11 Angle attachments of railing to longitudinal stringers 
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2.2.3 Material Mill Certificates and Sampling 
In order to accurately determine the capacity of a structure, the material properties must be 

known.  As mentioned previously, these properties were unknown in the initial stages of this 
investigation.  Because of this, a conservative estimate of material yield stress as specified by AASHTO 
must be used.  If the true material strength can be established at a higher level, the rated capacity of the 
structure can be increased.   

Subsequent to the initial load rating, the original mill certificates for the Llano Bridge steel were 
found on microfilm.  These documents indicated that the steel used had a yield stress between 36 and 47 
ksi.  The Pittsburgh Testing Company and Southwestern Laboratories of Dallas, Texas tested the majority 
of the truss steel.  A typical mill certificate from microfilm is shown in Figure 2.12.   

 

 

Figure 2.12 Microfilm of one of the original mill certificates 

To verify the accuracy of these mill certificates, the decision was made to conduct material tests 
on two samples of steel removed from the bridge.  To reduce the possibility of selecting samples from the 
same heat of steel, the specimens were taken from transverse floor beams at opposite ends of the bridge as 
shown in Figure 2.13.  Figure 2.14 shows the sampling size and location.  The samples were taken from 
areas of the beam subject to very low stress.  The samples were cut from the flanges with a torch, and 
subsequently the area was painted to protect the bare steel (see Figures 2.15 and 2.16).   

The samples were machined to ASTM specifications for standard 0.5 inch round tensile 
specimens.  (ASTM A370)  The samples were tested in a universal test machine at the University of 
Texas at a crosshead rate of 0.02 inches per minute up to yield, and a rate of 0.2 inches per minute post 
yield.  Test results are summarized below in Table 2.1.   
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Figure 2.13 Steel sampling locations 

W 33x132Transverse Floor Beam

Begin cut 1" from end of seat plate

1.5"

7.5"

 

Figure 2.14 Steel sample details 

 

Figure 2.15 Removing the steel sample 

North sample South sample 

W33X132 Transverse Floor Beam 
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Figure 2.16 Location after steel sample removal 

Table 2.1  Tensile test results 

 North Sample South Sample 

Area 0.197 in2 0.197 in2 

Gage length 2 in 2 in 

Yield Stress 36.2 ksi 37.1 ksi 

Ultimate Stress 60.2 ksi 61.5 ksi 

Percent Elongation 42% 41% 
 

The results of the two tension tests conducted on the beam flange samples supported the data 
reported on the mill certificates. Considering the data from the mill certificates and from the tension tests, 
the yield stress was taken as 36 ksi for the subsequent analysis and load ratings.   

2.3 AASHTO LOAD RATINGS 

2.3.1 Introduction 
After establishing the actual member sizes and material characteristics, the next step in evaluating 

the Llano Bridge was load capacity analysis.  Two of the methods utilized by bridge engineers are the 
Allowable Stress method and the Load Factor method.  Another newer method, the Load and Resistance 
Factor Design (LRFD) method is still under development and was not used to remain consistent with the 
procedures most commonly utilized by TxDOT.   
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2.3.2 ASD and LFD Load Rating Systems 
To provide a standard procedure to determine the load capacity of an existing bridge, AASHTO 

publishes the “Manual for Condition Evaluation of Bridges”.  (AASHTO 1994)  This manual offers two 
methods for load rating bridges, the Allowable Stress (AS) method and the Load Factor (LF) method.   

The Allowable Stress method uses unfactored loads for the demand coupled with a maximum 
allowable working stress capacity.  The working stress is determined using a factor of safety.  
Alternatively, the Load Factor method employs factored loads and capacities determined by AASHTO 
load factor design specifications.  (AASHTO 1996) 

In order to load rate a bridge, AASHTO utilizes a rating factor.  The rating factor (RF) is a 
scaling number used as a multiplier on the loading used in determining the live load effects.  For example, 
if an HS 20 load vehicle was used in determining the live load effect (L), and the rating factor was 
calculated to be 0.87, the bridge rating would be 0.87 x 20 = HS 17.4. 

AASHTO (1994) specifies two rating levels: inventory and operating.  The inventory rating level 
corresponds to the live load that can be safely utilized on an existing structure for an indefinite period of 
time. The second level of rating is the operating level.  Load ratings based on the operating level generally 
describe the maximum permissible live load to which the structure may be subjected.  Allowing unlimited 
numbers of vehicles to use the bridge at the operating level may shorten the life of the bridge.  (AASHTO 
1994) 

Essentially, the inventory level represents the capacity of a bridge for normal traffic, whereas the 
operating level corresponds to an occasional oversized load.  Each member of the Llano Bridge was load 
rated for both levels of use, utilizing both the Allowable Stress and Load Factor methods.  The bridge was 
rated using two yield stress levels: 30 ksi which represents the yield stress required by AASHTO for 
unknown steel, and 36 ksi which represents the actual yield stress measured.   

Both rating methods (AS and LF) use the same general expression in determining the load rating 
of a structure; 

 ( )
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 (2.1) 

The terms and values of equation 2.1 are defined Tables 2.2 and 2.3. 

Table 2.2 Terms used in load rating equation 

Term Definition Term Definition 

RF Rating Factor A1 Dead load factor 

C Member Capacity  A2 Live load factor 

D Dead load effect I Impact factor 

L Live load effect   
 

The impact factor is a multiplier on live load intended to account for the dynamic effects of 
vehicles.  This factor may be calculated by the equation (AASHTO 94); 
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125

I
L

= ≤
+

 (2.2) 
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where L is the member length in feet.  For the Llano Bridge, the upper limit of 0.3 governed in all cases.  
Table 2.3 lists the values used for the various terms in the rating factor equation, as specified in the 
Manual for Condition Evaluation of Bridges (AASHTO 94).   

Table 2.3 Values used in AASHTO load ratings 

Item Allowable Stress Load Factor 

A1 (Inventory - Operating) 1.0 - 1.0 1.3 – 1.3 

A2 (Inventory - Operating) 1.0 - 1.0 2.7 – 1.3 

Allowable Stress in Tension 
(Inventory) 0.55 Fy Fy 

Allowable Stress in Tension 
(Operating) 0.75 Fy Fy 

Allowable Stress in Compression 
members (Inventory) 2.12

crF  0.85 Fcr 

Allowable Stress in Compression 
members (Operating) 1.7

crF  0.85 Fcr 

 

Although the allowable stress for tension (inventory level) is given by AASHTO (1994) as 0.55 
times the yield stress, the tabulated values listed in AASHTO (1994) for inventory levels are rounded 
down for 30 ksi steel.  Therefore, the inventory allowable stress is rounded down from 
0.55 30 16.5⋅ =  ksi to 16.0 ksi.  For 36 ksi steel, however, the allowable inventory stress is rounded up 
from 0.55 36 19.8⋅ =  to 20 ksi.  Although this may seem to be a minor issue, the final load rating of a 
member can vary by several percent, depending on whether the computed or tabulated (and rounded) 
values of allowable stress are used.  In the case of the Llano Bridge, if the computed values of 0.55 Fy are 
used, the member capacity is increased by 20% in going from 30 to 36 ksi (36/30=1.2).  However, if the 
tabulated values of allowable stress are used, the member capacity is increased 25% (20/16=1.25).  For 
load rating of the Llano Bridge, the tabulated values for allowable stress were used.   

2.3.3 AASHTO Load Rating Vehicles 
To represent the various loadings that bridges are subjected to, AASHTO has devised a series of 

trucks to use in design and analysis.  The heaviest truck load used in design is known as an HS 20-44.  
(The 20 refers to the weight of the combined first and second wheel line loads in tons, and the 44 refers to 
1944, the year this loading was incorporated.  For brevity, the 44 will be dropped in further references).  
An HS 20 loading consists of a three-axle configuration with a total weight of 72 kips.  The front axle is 
8 kips, the second axle is 32 kips, and the rear axle is 32 kips.  The spacing from the front to second axle 
is 14 ft., and the spacing from the second to third axle may vary from 14 ft. to 30 ft. to obtain the 
maximum response.  Because of the short spans of the Llano deck, a 14 ft. rear axle spacing governed in 
all cases.  Figure 2.17 illustrates the HS 20 loading.   
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14' 14'-30'

 

Figure 2.17 HS 20-44 truck 

In addition to considering bridge response under HS 20 point loading, AASHTO also requires the 
bridge to be evaluated under a distributed load, known as lane loading.  However, because of the 
relatively short spans of the Llano Bridge, the truck loadings controlled the response in all cases.   

2.3.4 Llano Load Rating Results – Truss Members 
The truss was rated using an HS 20 live load with both 30 ksi and 36 ksi yield stress steel.  A 

dead load of 2.7 kips per linear foot of truss was taken from the original TxDOT drawings and applied.  
Because of its small size and weight, the sidewalk was not initially considered in the calculations.  All 
members were assumed to be pin connected.   

Tension member capacities were calculated using gross section properties, and compression 
member capacities were calculated using an effective length of 0.75 L as per AASHTO specifications for 
riveted end connections.  (AASHTO 1994)  Detailed connection analysis was not performed.  Structural 
analysis was performed using a standard commercial finite element software package, Visual Analysis.  
(Integrated Engineering Software, V3.50)  For reference, panel point numbering is shown in Figure 2.18.   

 

L0 L1 L2 L3 L4 L5 L6 L7 L8 L9

U1 U2 U3 U4 U5 U6 U7
U8 

Truss panel point numbering 

 

Figure 2.18 Panel point numbering for truss analysis 

The center diagonal members (L4-U5 and L5-U4) were relatively small; twin angles 3 ½ x 3 x 
5/16 and consequently for analysis purposes it was assumed they were incapable of resisting compressive 
forces.  Hence, if during any load case these members were found to be in compression, they were 
removed from the model.   
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Results of the truss load ratings are shown in Figures 2.19 to 2.26. Since the truss is symmetrical, 
ratings are shown for only one-half of the truss.  Allowable Stress results are shown in Figures 2.19 
through 2.22, and Load Factor results follow in Figures 2.23 through 2.26.   
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Figure 2.19 Allowable stress HS inventory level load rating results based on 30 ksi yield stress 
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Figure 2.20 Allowable stress HS operating level load rating results based on 30 ksi yield stress 
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Figure 2.21 Allowable stress HS inventory level load rating results based on 36 ksi yield stress 
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Figure 2.22 Allowable stress HS operating level load rating results based on 36 ksi yield stress 
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Figure 2.23 Load factor HS inventory level load rating results based on 30 ksi yield stress 
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Figure 2.24 Load factor HS operating level load rating result based on 30 ksi yield stress 
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Figure 2.25 Load factor HS inventory level load rating results based on 36 ksi yield stress 
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Figure 2.26 Load factor HS operating level load rating results based on 36 ksi yield stress 

Figures 2.27 through 2.30 below show comparisons between the Allowable Stress and the Load 
Factor methods for both 30 and 36 ksi steel.  Each figure shows the ratio of the Allowable Stress rating to 
the Load Factor rating, expressed as a percent.  Depending on the member, rating level (inventory or 
operating), and assumed yield stress, significant differences can be seen between Allowable Stress ratings 
and Load Factor based ratings.  In some cases the Allowable Stress rating is higher, however in other 
cases the load factor rating is higher.   
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Figure 2.27 Comparisons between AS and LF inventory ratings for 30 ksi yield stress 
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Method Comparisons - Allowable stress to Load factor ratio (%)
Operating Level, 30 ksi yield stress
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Figure 2.28 Comparisons between AS and LF operating ratings for 30 ksi yield stress 
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Figure 2.29 Comparisons between AS and LF inventory ratings for 36 ksi yield stress 
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Figure 2.30 Comparisons between AS and LF operating ratings for 36 ksi yield stress 
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2.3.5 Llano Load Rating Results – Floor Deck Beams and Stringers 
In a similar fashion to the truss, the floor beams and stringers were load rated using an HS 20 live 

load, assuming both 30 and 36 ksi yield strength. Dead loads consisted of self-weight of the steel, plus 
6-½ in. of reinforced concrete plus an assumed 1-½ in. of asphalt overlay.  Both the concrete and the 
overlay were assumed to weigh 150 lbs. per ft.3.  Member lengths were conservatively rounded to 26 ft. 
for the transverse beams and 22 ft. for the longitudinal stringers.   

Transverse beams had an assumed unbraced length of 4.5 ft.  Due to the top flange embedment 
into the slab, the longitudinal stringers were considered to be fully laterally supported.   

Both transverse beams and longitudinal stringers were considered to have pinned ends for the 
analysis.  This assumption was based on the flexibility of the connections as well as the flexibility of the 
members to which they were connected.  Longitudinal members framed into the web of the transverse 
members, and transverse members framed into the truss verticals.  Neither the webs of the transverse 
members or the truss verticals provide significant rotational stiffness.  Table 2.4 gives results for dead and 
live load moments based on AASHTO calculations, including impact (I) and distribution factors (DF).   

Table 2.4 AASHTO calculations for deck member moments 

Member MDL 
(k-ft) 

MLL 
(k-ft) 

DF I MLL (tot) 
(k-ft) 

Longitudinal 30.3 88 0.82 0.3 93.8 

Transverse 219 398 1.0 0.3 518 
 

To load rate a longitudinal stringer with the allowable stress or load factor method, a wheel line is 
placed directly over a member in the location to produce the maximum response.  A wheel line is a series 
of point loads equal in magnitude to one half the axle loads placed at the spacing indicated in Figure 2.17.  
Essentially, wheel line loading is placing half (longitudinally) of the truck directly over the stringer.  
Because of the short span length for longitudinal members (22 ft.) the maximum loading position for 
those members was simply a single HS 20 wheel load (16 kips) located at midspan.   

To account for distribution of the load to adjacent stringers by the slab, AASHTO uses what is 
known as a distribution factor (DF).  A simple equation is used to calculate the DF, based on the spacing 
of the stringers.  For a slab on girder bridge; 

 
5.5
SDF =  (2.3) 

With a spacing of 4.5 ft., the DF for the Llano deck was 0.82.  AASHTO specifications however, allow 
no load distribution for transverse members.   

Members were also Load Factor rated with what is referred by AASHTO as a serviceability 
criterion.  The Load Factor method contains a provision (section 10.57.1, (AASHTO 96)) referred to as 
overload.  Section 10.43.3 describes overloads as live loads that can be allowed on a structure on 
infrequent occasions without causing permanent damage.  For non-composite beams and girders, the 
maximum flange stress caused by the dead load plus 5/3 times the live load plus impact must not exceed 
0.8 times the yield stress of the flange.  This provision in equation form in terms of stress is as follows: 

 5 0.83D L I yfFσ σ ++ ≤  (2.4) 
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Figure 2.31 shows the position of loads to produce the maximum moment in the transverse 
members.  Each concentrated load consisted of the resultant of an HS 20 wheel line with the second axle 
directly on top of the transverse member.  From statics, the resultant of the three wheel loads is 23.3 kips.  
Figure 2.32 illustrates the three wheel loads longitudinally resulting in a single 23.3 kip point load on the 
center transverse member.   

CL

 6 '  3 '  6 '

 .75 '

 25 '

4 concentrated loads @ 23.3 kips

 

Figure 2.31 Point load locations for maximum flexural response of transverse beams 

 

22 '

16 kips16 kips 8 kips

14 ' 14 '

23.3 kips

 
 

Figure 2.32 Decomposition of three wheel loads into equivalent single point load 

Results of the ratings are summarized in Tables 2.5 and 2.6.  Table 2.5 shows that for the 30 ksi 
yield stress assumption, the stringers fail to achieve an HS 20 inventory rating for both AS and LF 
methods.   The transverse beams also failed to achieve an HS 20 inventory load ratings for both AS and 
LF methods.  As indicated in Table 2.6, with the 36 ksi yield stress assumption, the longitudinal stringers 
meet HS 20 inventory load ratings for both AS and LF methods. However, the transverse members still 
fail to achieve an HS 20 inventory rating for both AS and LF ratings. Note that in all cases for the load 
factor method, the overload serviceability criteria (equation 2.4) governed.   

4 kips 
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Table 2.5 HS Load rating results for bridge deck beams and stringers based on 30 ksi yield stress 

30 ksi yield stress 

Longitudinal Stringers 
Method Inventory Operating Overload 

AS 18.9 29.1 N/A 

LF 20.9 35.0 18.9 

Transverse Beams 

Method Inventory Operating Overload 

AS 12.9 21.5 N/A 

LF 15.7 26.3 14.1 
 

Table 2.6 HS Load rating results for bridge deck beams and stringers based on 36 ksi yield stress 

36 ksi yield stress 

Longitudinal Stringers 

Method Inventory Operating Overload 

AS 24.9 36.2 N/A 

LF 25.9 43.2 23.5 

Transverse Beams 

Method Inventory Operating Overload 

AS 18.2 27.5 N/A 

LF 19.9 33.2 18.0 
 

2.4 SUMMARY 
The Roy Inks Bridge in Llano, Texas was chosen as the subject for a detailed structural 

investigation.  This chapter outlined the details of the bridge and the AASHTO load rating analysis.  The 
following summarizes the key findings: 

1. Accurate determination of member properties and material strengths can greatly improve a 
bridge load rating.  Based on year built, AASHTO specifies a yield stress of 30 ksi for use in 
load rating of the Llano bridge.  However, based on examination of mill certificates and 
tension testing of steel samples removed from the bridge, a yield stress of 36 ksi can be 
justified.  As shown in Figures 2.19 through 2.26, and Tables 2.5 and 2.6, an increase in the 
load rating of anywhere from 20 to over 100 per cent is possible in going from 30 ksi to 
36 ksi yield stress, depending on the member and dead to live load ratio.   

2. Although usually not as significant as an increase in material properties, utilizing a different 
load rating method can increase the bridge capacity.  Generally the difference between 
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Allowable Stress and Load Factor ratings was between 5 and 20 per cent for the Llano 
Bridge.  However, the method providing the higher load rating was not consistent between 
members or rating levels.   

3. AASHTO load rating showed a large reserve capacity in the truss members of the Llano 
Bridge, often over 200% above an HS 20 inventory rating. Thus, the truss members of the 
Llano Bridge pose no problems with respect to load rating. 

4. Load ratings for the beams and stringers in the deck of the Llano Bridge showed inadequate 
capacity for both transverse and longitudinal members using HS 20 loading and 30 ksi yield 
stress.   

5. Using a more realistic yield stress of 36 ksi, the longitudinal members surpass HS 20 loading, 
but the transverse members are still approximately 20% deficient.   
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Chapter 3: 
Finite Element Analysis Of Llano Bridge Deck 

3.1 INTRODUCTION 
The previous chapter presented results of a load rating of the Llano truss case study bridge based 

on AASHTO standards and simplified hand methods of structural analysis.  As indicated in Chapter 2, the 
truss members of this bridge demonstrated load ratings well above HS 20, whereas the floor beams and 
stringers rated below HS 20.  Thus, the floor system controlled the overall load rating for this bridge.   

In this chapter, the floor system of the Llano Bridge is analyzed in further detail using elastic 
finite element analysis (FEA) techniques.  The purpose of this analysis is to determine if a higher load 
rating can be justified by using analysis methods that are more advanced and more exact than typical hand 
methods of analysis used in standard load ratings.   

3.2 ANALYSIS OBJECTIVES 
Previous researchers have shown through both field tests (Saraf and Nowak 1998), finite element 

analysis (Mabsout et al 1997, Hays et al 1998), or both (Chajes et al 1997), that the stresses in slab on 
girder bridges can be significantly less than an typical AASHTO load rating would indicate.  The 
objective of this portion of the project is to create a simple finite element (FE) model of the Llano bridge 
deck to compare to field measurements and AASHTO code. 

A standard commercially available structural analysis computer program, SAP 2000 Non-Linear 
(SAP) was chosen to perform the analysis.  SAP is readily available, relatively inexpensive, and utilizes a 
graphical user interface for ease of use.  Although the program has non-linear capabilities, only linear 
elastic analyses were conducted for this study.  

3.3 MODEL DESCRIPTION 
Standard finite element beam and shell elements were used to create a model of two spans of the 

Llano bridge deck.  Two node beam elements were used for the steel members, and isotropic four node 
shell elements for the slab.  Figure 3.1 shows the model used in analysis.   

Longitudinal steel members were 22 ft. in length, and were modeled with beam elements 
12 inches in length.  Transverse steel beams were 26 ft. in length, and were modeled with beam elements 
that were typically 6 or 12 inches in length.  All steel members had moment releases at each end to model 
simply supported ends.   

The majority of shell elements were either 12"x12" or 6"x12".  Variations in the size of elements 
were needed to ensure enough element nodes to accommodate the many loading cases that were 
evaluated.  Shell element thickness matched the slab thickness of 6.5 in.  This thickness reflects only the 
thickness of the concrete, as it was believed that the asphalt overlay was not stiff enough to provide 
significant structural response.  As per American Concrete Institute (ACI 1999) specifications, the elastic 
modulus of concrete was taken as 57,000 'f c⋅ .  Since the concrete compressive strength was not 
specified on the available drawings, AASHTO requires an estimate based on the date built.  This estimate 
was 2,500 psi, resulting in a modulus of 2850 ksi.  The contribution of the steel reinforcement to the 
stiffness of the slab was conservatively neglected in the model.   
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Figure 3.1 Finite element model of Llano Bridge deck 

Curbs were modeled by increasing the size of the outermost shell elements to 7 inches wide by 
18.5 inches high.  Six supports were used at the locations where each transverse beam connected to the 
trusses.  These supports were restrained translationally in all three directions.  Although the actual 
supports were not likely to restrain movement other than vertically, the additional restraints introduced in 
the FE model did not affect the results since the model used linear geometry.  The additional restraints 
were introduced simply to reduce the number of degrees of freedom, and remove any possible 
singularities from the stiffness matrix.  Since in the actual bridge the slab was not continuous 
longitudinally and the longitudinal steel members were simply connected, the deck did not have the 
capacity to transfer moment across deck segments.  To enforce this behavior in the model, a one-inch 
separation was created in the shell elements between the deck segments, as shown in Figure 3.2.  The size 
of the separation was somewhat arbitrarily chosen, but there was no significant response difference with 
either smaller or larger separations.  Separations were varied from 0.1 inch to 2 inches in magnitude. 

To enforce vertical displacement compatibility between the edge of the shell elements and the 
center transverse beam, adjacent beam and shell members were constrained to identical vertical 
displacements.  

Because of the longitudinal discontinuity, the behavior of the floor system could be adequately 
captured using only two segments.  Figure 3.3 shows the model with the elements extruded, emphasizing 
the steel framework, slab, and curb.  The longitudinal stringers were labeled Stringers 1 through 6 
(S1-S6), and the transverse beams labeled Beams 1 through 3 (B1-B3).   

Direction of 
traffic 
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Figure 3.2 Plan view of deck model, with cut out of 1” gap in slab 

 

Figure 3.3 SAP model with elements extruded 

The actual bridge deck structure was designed non-compositely, and no mechanical shear 
connectors were provided between the steel members and the slab.  In the SAP finite element model, shell 
elements were placed at the same level as the beam elements, modeling a non-composite system.  
Previous researchers (Saraf and Nowak 1998, Juaregi 2000, Pennings, 2001, Chajes et al 1997) have 
shown evidence of composite behavior in bridge structures designed non-compositely, largely due to 
friction or adhesion between the steel and concrete.  Consequently, even though the Llano bridge deck 
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was not designed or constructed to provide composite action, some degree of unintended composite 
action may in fact develop in the actual deck system. However, as described above, the SAP finite 
element model of the deck represents a non-composite system, and therefore conservatively neglects any 
beneficial effects of unintended composite action. The development of unintended composite action in the 
Llano bridge deck will be examined in more detail in the field load tests described later in Chapter 4.  

3.4 LOAD CASES 

3.4.1 Introduction 
Due to the short spans, truck loading (as opposed to lane loading) governed all load cases for the 

deck.  Because of the large number of nodes (approximately 1,700), most conceivable load cases could be 
easily applied to the model using concentrated loads at the nodes.  Transverse wheel spacing was 
typically 6 feet.  However, to avoid an extremely fine and cumbersome mesh, occasionally a 6.5 foot 
spacing was used.  Results indicated that there was less than a 1% difference in maximum moment in the 
loaded beam members when using the two different spacings.  Hence, these minor variations in spacing 
were not considered significant.   

Load cases where created to simulate HS loading, and subsequently the loadings used in the field 
and laboratory tests.  HS loading results will be discussed in this chapter; while results of the field load 
test and laboratory loading tests will be discussed later in Chapters 4 and 6.    

3.4.2 Transverse Beam Loading 
Figure 3.4 shows twin HS 20 load trucks positioned for the maximum flexural response at 

midpoint of the center transverse beam.   

 

Figure 3.4 Twin HS20 truck loadings on finite element model for maximum beam response 

Each point 

load  = 16 kips

Each point 

load  = 4 kips 
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Each of the four point loads on the first deck segment and the four loads directly over of the center 
transverse beam are 16 kips, while the four point loads on the forward deck segment are 4 kips.  The 
longitudinal spacing between the first and second axles, as per AASHTO specifications, is 14 ft.  
AASHTO requires the third axle to be spaced from 14 to 30 feet based on the spacing that would result in 
the maximum response.  Because of the relatively short distance between the transverse beams 
(approximately 21 feet) in the Llano Bridge, the axle spacing was taken as 14 feet.   

Additionally, analysis was performed with a total of four point loads of 23.3 kips placed directly 
on the transverse member, as shown in Figure 3.5.  This was done to simulate the load case used for the 
hand calculations utilized in the normal AASHTO load rating as discussed in the previous chapter.  Note, 
however, the truck positioning transversely is slightly different than the hand calculations due to the node 
locations.  Recall that the absolute maximum moment is obtained by offsetting the 23.3 kip loads a 
distance of 0.75 feet from the member centerline, as shown in Figure 2.31, and as used in the AASHTO 
hand calculations. In the finite element model, the 23.3 kip loads were offset 1.0 ft. from the member 
centerline, rather than 0.75 ft. The difference in moment between the two positions when performing hand 
calculations is less than 0.5 percent.  Hence, no additional nodes were placed in the model to 
accommodate the offset truck locations. 

  

Figure 3.5 Loading used to simulate AASHTO load rating for transverse beam 

3.4.3 Longitudinal Stringer Loading 
AASHTO truck loads were applied in positions to produce maximum flexural response for the 

longitudinal stringers.  Figures 3.6 through 3.8 illustrate these positions.  Because of the symmetry of the 
structure, only three of the six stringers required analysis (S1, S2 and S3).   

Each point load  

= 23.3 kips 
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Figure 3.6 HS 20 loading position for maximum response in the first stringer 

 

 

 

Figure 3.7 HS 20 loading position for maximum response in the second stringer 
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Figure 3.8 HS 20 loading position for maximum response in the third longitudinal member 

Note that for stringers 2 and 3, truck loads were reduced to only one axle.  Loadings on the far 
deck segment induced small negative moments in longitudinal members on the near deck segment, except 
the outermost stringers (S1 and S6).  This phenomenon is cause by the sharing of nodes in the slab and 
the transverse steel beams.  The node sharing forces the steel beams and slab to deflect equally at each 
shared node.  As the center transverse beam deflects due to loading on one of the segments, it induces 
curvature and moment in the slab in the adjacent segment.  Since the longitudinal members in the 
opposite segment are simply connected to the transverse members, the steel members transfer no moment 
from one segment to the next.  If there were not a slab attached, the steel on the adjacent segments would 
simply deflect in a rigid body mode.  The displacement constraints imposed by the shared nodes force an 
interaction between the different moments and curvatures between the steel and slab in the non-loaded 
segments.  The result is a small negative moment (less than 1% of the positive moment) being induced 
into the steel in the non-loaded segments.  Since the actual structure does not have this displacement 
constraint between the steel and slab, no negative moment is induced.  Hence the nodal loadings that 
caused this unrealistic (although small) response were conservatively neglected in determining the 
maximum response in the longitudinal members. 

3.5 FINITE ELEMENT RESULTS 
Maximum moments from the finite element analysis of the steel members for AASHTO HS 20 

loadings are summarized in Table 3.1.  The table gives the maximum moment in the member, the total 
moment on the entire section, (including adjacent members and the slab; often referred to as the line 
moment), the percent of the total moment carried by the member, and the percent of the total moment 
carried by the slab. 

For stringer S1, the critical loading case is shown in Figure 3.6. The total line moment generated 
by this loading case is 176 k-ft. This line moment is computed as the maximum moment on a simply 
supported span with a concentrated load at mid span (Mmax = PL/4 = 32 kips × 22 ft. / 4 = 176 k-ft.). The 
176 k-ft. line moment must be resisted by the combination of the six stringers and the concrete slab. The 
data in Table 3.1 indicates that stringer S1 resists 29-percent of the 176 k-ft. line moment. The concrete 
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slab resists 26-percent of the line moment. The remaining 45-percent is carried by the remaining five 
stringers. The finite element analysis shows that the slab resists a substantial portion of the total moment, 
even though no composite action is considered.  

For stringer S2, the critical loading case is shown in Figure 3.7. The total line moment generated 
by this loading case, as before, is 176 k-ft. The data in Table 3.1 indicates that stringer S2 resists 24-
percent of the 176 k-ft. line moment. The concrete slab resists 20-percent of the line moment. The 
remaining 56-percent is carried by the remaining five stringers. 

Finally, for stringer S3, the critical loading case is shown in Figure 3.8. The total line moment 
generated by this loading case, as before, is 176 k-ft. The data in Table 3.1 indicates that stringer S3 
resists 23-percent of the 176 k-ft. line moment. The concrete slab resists 22-percent of the line moment. 
The remaining 55-percent of the 176 k-ft. line moment is carried by the remaining five stringers. 

For each of the stringers in the bridge deck system, the finite element analysis shows that even 
without composite action, the reinforced concrete slab resists a substantial moment, thereby relieving the 
moment that must be carried by the stringers. 

For the center transverse beam, the critical loading case used in the finite element analysis is 
shown in Figure 3.5. The total line moment generated by the four 23.2 kip loads, based on statics, is 398 
k-ft. The three transverse beams together with the reinforced concrete slab must resist this total line 
moment. The data in Table 3.1 indicates that the center transverse member resists 88-percent of the total 
line moment, and the slab resists 8-percent of the total line moment. The remaining 4-percent of the total 
line moment is resisted by the other two transverse beams. 

  

Table 3.1 Finite element results for Llano bridge deck members 

Member 
Member 
moment   

(k-ft) 

Total 
moment 

 (k-ft) 

Member % of 
MTOT  

Slab % of 
MTOT  

Stringer S1 51.0 176 29 % 26 % 

Stringer S2 41.5 176 24 % 20 % 

Stringer S3 40.8 176 23 % 22 % 

Transverse 
Beam B2 349 398 88 % 8 % 

 

Table 3.2 shows a comparison between moments predicted by the finite element analysis with 
moments predicted by AASHTO calculations. The AASHTO moments reported in Table 3.2 are taken 
from Table 2.4, except that the impact factor was not included. (no impact factor was included in the 
finite element analysis). As shown in Table 3.2, the moments in the stringers based on finite element 
analysis ranges from 57 to 71 percent of the values predicted by AASHTO calculations. Consequently, 
the finite element analysis is predicting substantially lower moments in the stringers. In the transverse 
beam, the finite element analysis predicts a moment that is 88-percent of the value predicted by 
AASHTO. Consequently, the reduction in moment in the transverse beam in going from the finite 
element analysis to the AASHTO calculation is not as dramatic as for the stringers, but still significant. 
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Table 3.2 Comparison of moments from finite element analysis with AASHTO 

Member 
FEA 

moment 

(k-ft)  

AASHTO 
moment 

(k-ft) 

Ratio of moments: 

FEA / AASHTO 

Stringer S1 51 72 71 % 

Stringer S2 41.5 72 58 % 

Stringer S3 40.8 72 57 % 

Transverse 
Beam B2 349 398 88 % 

 

The smaller moments predicted by the finite element analysis appear to be due to two factors. 
One factor is that the finite element analysis predicts that the slab resists substantial moment, thereby 
reducing the moment that must be carried by the steel beams and stringers. As indicated by Table 3.1, the 
contribution of the slab is quite large for the stringers, with the slab resisting on the order of about 20 to 
25-percent of the total moment. Since AASHTO does not regard the slab as a load carrying part of the 
deck system, a considerable amount of capacity is ignored.  The slab contribution for the transverse beam, 
based on finite element analysis is less significant, with the slab resisting 8 percent of the total moment. 
Nonetheless, since the transverse beams are more critical than the longitudinal stringers from a load rating 
perspective (Table 2.6), the slab’s contribution in reducing moments in the transverse beams is still quite 
important. Recall that the slab was modeled as a homogeneous shell member, assuming an uncracked 
section.  This assumption is valid as long as the moment in the slab produces a tensile stress lower than 
the cracking stress.  For all values of slab moment predicted by the finite element analysis, the tensile 
stress in the slab was less than the cracking stress. 

Besides the slab contribution, a second factor also contributes to a reduction in beam and stringer 
moments in the finite element analysis as compared to the AASHTO calculation. The finite element 
analysis predicts a different and more advantageous distribution of moments among the steel members 
than obtained from the AASHTO calculations. For example, Table 3.2 shows that the transverse beam 
moment in the finite element analysis is 88 percent of the moment predicted by AASHTO. Of the 12-
percent reduction in moment predicted by the finite element analysis, 8-percent is attributable to the slab 
contribution (Table 3.1). The remaining 4-percent is carried by the adjoining transverse beams. The 
AASHTO calculation permits no distribution of moment among transverse members, and therefore 
neglects this beneficial effect. The same is true for the stringers. The reduction in moment in going from 
the AASHTO calculations to the finite element analysis cannot be attributed solely to the slab 
contribution. There is an additional reduction in stringer moment due to a more advantageous distribution 
of moments among the six stringers than considered in the AASHTO calculations. 

3.6 LOAD RATINGS BASED ON FINITE ELEMENT ANALYSIS 
New load ratings were determined based on the live load moments generated by finite element analyses.  
Tables 3.3 and 3.4 shows the resulting load ratings based on yield stresses of 30 ksi and 36 ksi, 
respectively.  Load ratings for the stringers, based on finite element analysis, show an increase of over 70 
percent, as compared to the AASHTO load ratings developed in Chapter 2 (Tables 2.5 and 2.6). This 
large increase in load rating for the stringers reflects the large decrease in live load moment predicted by 
the finite element analysis as compared to the AASHTO calculations. The resulting FEA based load 
ratings for the stringers are well above an HS 20 inventory level, both for 30 ksi and 36 ksi yield stress 
assumptions. 
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Table 3.3 Llano HS load ratings for beams and stringers based on FEA 
 and based on 30 ksi yield stress 

30 ksi yield stress 

Longitudinal Stringers 
Method Inventory Operating Overload 

ASD 32.6 50.4 N/A 

LF 36.3 60.6 32.7 

Transverse Beams 

Method Inventory Operating Overload 

ASD 14.9 24.8 N/A 

LF 18.1 30.1 16.2 
 

Table 3.4 Llano HS load ratings for beams and stringers based on FEA 
 and based on 36 ksi yield stress 

36 ksi yield stress 

Longitudinal Stringers 

Method Inventory Operating Overload 

ASD 43.6 62.7 N/A 

LF 44.9 75.8 40.6 

 Transverse Beams 

Method Inventory Operating Overload 

ASD 21.0 31.6 N/A 

LF 22.8 38.1 20.6 
 

As would be expected from the less significant decrease in maximum moment in the transverse 
members from the finite element analysis, the increase in load ratings was not as notable.  Increases in 
load ratings for the transverse members were on the order of 15%.  However, combining the use of 36 ksi 
for yield stress with the results of the finite element analysis shows that all floor members, both 
longitudinal stringers and transverse beams rate above HS 20 inventory level.  

For both a conventional AASHTO load rating as well as a load rating based on finite element 
analysis, the transverse floor beams are the critical members controlling the load rating for the entire 
bridge. All truss members and longitudinal stringers load rate at a higher level than the transverse floor 
beams. Considering the AS method of analysis as a point of comparison, the transverse floor beams have 
an HS 12.9 inventory rating using conventional AASHTO procedures and without material testing. With 
yield stress values based on material testing combined with finite element analysis, the floor beams have 
an HS 21 inventory load rating, representing more than a 60 percent increase in load rating. 
Consequently, by using a more realistic value of yield stress based on testing material samples from the 
bridge combined with more advanced structural analysis in the form of a finite element analysis, it was 
possible to demonstrate that the Llano case study bridge satisfies an HS 20 inventory level load rating.  
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3.7 SUMMARY 
This chapter described and provided results of a more refined analysis of the Llano bridge deck.  

A standard, commercially available structural analysis program, SAP 2000, was used to construct an 
elastic finite element model of the bridge deck and to evaluate the live load response to HS 20 loading.  

Standard two node beam elements were used to model the steel members, and isotropic, four 
node shell elements were used to model the slab. The actual bridge deck was originally designed and 
constructed as a noncomposite system, as no mechanical shear connectors are present. Consequently, in 
the finite element model, the shell elements were connected to the beam elements in a manner that 
precluded composite action. That is, the finite element model was representative of a noncomposite 
system. Curbs were modeled by increasing the thickness of the shell elements along the outside of the 
slab. Because of the construction joint in the slab located above each transverse member, a one-inch 
separation between adjacent shell elements was introduced at that location in the model. The longitudinal 
reinforcement in the bridge deck was not continuous across the transverse members, and hence no 
moment was transferred from one deck segment to the next.  This enabled the deck behavior to be 
adequately captured with only two segments.   

HS 20 truck loadings were applied to the finite element model of the bridge deck, and maximum 
moments were determined in the longitudinal stringers and transverse beams. The moments predicted by 
the finite element analysis were significantly smaller than the moments calculated from the conventional 
AASHTO load rating described in Chapter 2. 

Longitudinal stringers showed reductions in moment in going from the AASHTO calculation to 
the finite element analysis on the order of 30 to 40 percent. The decrease in response for the transverse 
beams was not as dramatic, but still significant.  Moments in the transverse beams from the finite element 
analysis were approximately 12 percent lower than those predicted by AASHTO calculations.  

The finite element analysis showed significantly lower moments in the stringers and beams than 
conventional AASHTO calculations. This reduction in moment can be largely attributed to two factors. 
One factor is that the finite element analysis predicts that the reinforced concrete slab resists substantial 
moment, thereby reducing the moment that must be carried by the steel beams and stringers. Thus, even 
without composite action, the finite element analysis shows that the slab provides a significant 
contribution to the load carrying capacity of the bridge deck. Conventional AASHTO load rating 
procedures do not regard a noncomposite slab as a load carrying part of the deck system. Besides the slab 
contribution, a second factor also contributes to a reduction in beam and stringer moments in the finite 
element analysis as compared to AASHTO calculations. The finite element analysis predicts a different 
and more advantageous distribution of moments among the steel members than obtained from the 
AASHTO calculations. 

The critical members controlling the load rating of the Llano case study bridge are the transverse 
floor beams. With the reduction in live load moment predicted by finite element analysis combined with a 
yield stress based on measured values, it was possible to demonstrate an inventory load rating for the 
transverse beams, and therefore for the entire bridge, in excess of HS 20. Consequently, it appears that 
finite element analysis can be a valuable tool for developing improved load ratings of the deck systems of 
historic metal truss bridges similar to the Llano case study bridge. 

As described above, finite element analysis predicts smaller live load moments in bridge floor 
members than obtained from conventional AASHTO load rating procedures. However, it is unclear 
whether the finite element model accurately captures the true structural response of the bridge deck 
system, and whether the results of a finite element analysis can be confidently used as a basis of load 
rating. To more closely examine the validity of the finite element analysis of the Llano bridge deck 
system, the actual response of the deck system to live load was measured in a series of field load tests. 
These load tests are described in the next chapter. 
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Chapter 4: 
Llano Field Load Test 

4.1 INTRODUCTION 
As part of the Llano Bridge case study, two field load tests were conducted.  In these load tests, 

selected portions of the deck system were instrumented with strain gages. Trucks of known weight and 
geometry were then driven slowly over the bridge, and the response of the instrumented members was 
measured.  This chapter discusses the purpose and objectives of these tests, instrumentation, data 
acquisition, loading, and the results of the tests. 

4.2 BACKGROUND AND PURPOSE 
A standard AASHTO based load rating of the Llano truss bridge, as described in Chapter 2, 

showed that the truss members rated well above HS 20. The same load rating showed that the bridge floor 
stringers and beams were more problematic with respect to load rating. Based on an AASHTO load 
rating, the steel floor members controlled the load rating of this bridge at a level below HS 20.  The finite 
element analysis, as described in Chapter 3, indicated that the actual forces developed in the floor 
members under truck loading are significantly less than predicted by a standard AASHTO load rating, and 
that a higher load rating for the floor members may be justified.   

While the finite element analysis may provide a more accurate prediction of the structural 
response of the deck system than a standard load rating, the finite element analysis is still based on a 
number of simplifying assumptions and idealizations.  Many of the assumptions made in constructing the 
finite element model of the bridge deck were chosen to provide a conservative prediction of response.  
For example the model was constructed assuming no composite action between the steel members and the 
concrete slab, and assuming no rotational fixity at the ends of the beams and stringers. Nonetheless, it is 
unclear how accurately the finite element model actually captures the true response of the bridge deck 
system. 

To provide further insight into the structural behavior of the bridge deck system, and to evaluate 
the accuracy of the finite element model of the deck system, field load tests were conducted on the Llano 
bridge to measure the actual response of the deck system to known truck loads.  More specific objectives 
of the load tests were: 

1. Evaluate realistic load distribution. 

AASHTO Allowable Stress and Load Factor methods provide a simplified method to account 
for distribution of wheel loads to the stringers.  Although this approach is easy to utilize, it is 
likely conservative in nature.  In a similar fashion, the approximations inherent in the finite 
element method raise the issue as to the accuracy of load distribution predicted by this 
approach.  By gaging each stringer in a load test, the actual distribution can be obtained.  
Furthermore, AASHTO does not allow any load distribution for transverse members.  The 
accuracy of this assumption is unclear.  A field load test can provide a more realistic estimate 
of load distribution.   

2. Determine the degree of unintended composite action. 

The deck system for the Llano bridge did not have mechanical shear connectors between the 
slab and supporting steel, and hence the bridge was not designed compositely.  However, 
even in the absence of mechanical shear connectors, many other investigators have observed 
some evidence of at least partial composite action in field tests (Bakht 1988, Jauregui 1999, 
Saraf and Nowak 1998). This unintended interaction has often been attributed to factors such 
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as friction, mechanical interlock, and chemical bond between the steel and concrete.  The 
load test on the Llano bridge was designed to provide data and insight into this phenomenon.   

3. Compare field measurements with standard load ratings and finite element analysis. 

Previous investigations (Mabsout et al 1997, Hays et al 1998, Chajes et al 1997) have 
provided evidence of much smaller structural responses than either standard load rating or 
finite element analysis would predict.  The load tests can provide insight into these 
differences.  

4.3 INSTRUMENTATION AND DATA ACQUISITION 
Two load tests were conducted on the Llano bridge.  The first test was on February 2, 1999, and 

the second on April 15, 1999.  The second test was conducted to investigate different strain gage locations 
than used for the first test, and to augment the data collected in the first test.  

The first two deck segments of the first truss (starting from the north end of the bridge) were 
instrumented. Figure 4.1 shows the plan view of the tested segments with stringer (S1 through S7) and 
beam numbering (B1 and B2).  Figure 4.2 shows the strain gage layout for the first load test, and 
Table 4.1 lists the strain gage layout for the first test.  

B1 

S6

24'
Clear Roadway

Curbs 

S3S4
S5

S2 S1

B2 

S7

 
Figure 4.1 Plan view of deck area tested 

Strain gages were either placed on the steel (ST) or the bottom side of the concrete slab (C), as 
indicated in Figure 4.2.  The steel gages typically were placed on the inside top flange, inside bottom 
flange, and mid-height of the web. At two of the locations (midspan of stringer 7 and beam 2) an 
additional gage was placed on the opposite side top flange for a total of 4 strain gages.  Figure 4.3 shows 
location of gages on the cross-section of steel members for layouts with either 3 or 4 gages.  On 
longitudinal stringers, gages were located at either midspan, quarter points, or member ends.  The 

N 
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transverse beams were gaged at midspan.  The first transverse beam (B1) was also gaged at the midpoint 
between the east side adjacent pair of longitudinal stringers (S4 and S5).   

The second load test had a similar gaging pattern, but with more emphasis on the second 
transverse beam (B2).  Additionally, some of the longitudinal stringers were gaged only at the top side of 
bottom flanges. Figure 4.4 shows the pattern used, with the number of gages on each member in 
parenthesis. For members with three or four gages, the layout of the gages on the member cross-section 
was identical to the first test. The midpoint of the second transverse member (B2) was gaged with 6 strain 
gages. 

The data acquisition system used was an upgraded model of one developed earlier at the 
University of Texas at Austin (Jauregui 1999).  The core of the system is a Campbell Scientific CR9000 
data logger.  The logger has a capacity of 55 channels for real time data acquisition.  Shunt calibration 
circuitry is built into the completion boxes for each strain gage.  Figure 4.5 shows the CR 9000 data 
logger.   

 

ST (3) ST (4)

ST (3) ST (3)

ST (3) ST (3) 
ST (3)

C

C C

C

ST (3)

CC

ST (4)ST (3) 
ST (3)

ST (4)

 

Figure 4.2 Strain gage placement for first load test 

N 
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Table 4.1 Gage layout for first load test 

Type Member Location Type Member Location 

ST B1 midspan, top flange C S4 midspan, opposite side 

ST B1 midspan, web ST S6 midspan, top flange 

ST B1 midspan, bottom flange ST S6 midspan, web 

ST B1 1/4 span, top flange ST S6 midspan, bottom flange 

ST B1 1/4 span, web ST B2 1/4 span, top flange 

ST B1 1/4 span, bottom flange ST B2 1/4 span, web 

ST S4 midspan, top flange ST B2 1/4 span, bottom flange 

ST S4 midspan, top flange C B2 midspan, abutment side 

ST S4 midspan, web ST B2 midspan, top flange 

ST S4 midspan, bottom flange ST B2 midspan, top flange 

ST S1 midspan, top flange ST B2 midspan, web 

ST S1 midspan, web ST B2 midspan, bottom flange 

ST S1 midspan, bottom flange SC B2 midspan, opposite side 

ST S2 midspan, top flange ST S7 end, top flange 

ST S2 midspan, web ST S7 end, web 

ST S2 midspan, bottom flange ST S7 end, bottom flange 

ST S3 midspan, top flange C S7 midspan, sidewalk side 

ST S3 midspan, web C S7 midspan, opposite side 

ST S3 midspan, bottom flange ST S7 midspan, top flange 

C S4 midspan, sidewalk side ST S7 midspan, top flange 

ST S5 midspan, top flange ST S7 midspan, web 

ST S5 midspan, web ST S7 midspan, bottom flange 

ST S5 midspan, bottom flange    
 

3 Gage Layout 4 Gage Layout  

Figure 4.3 Strain gage placement on stringers and beams 
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ST (4) ST (3) ST (4) ST (3) 

B2 

6 
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B1 
 

Figure 4.4 Strain gage placement for second load test 

 

 

Figure 4.5  CR 9000 data logger 
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The data logger is controlled by instructions from code written by the user in CRBASIC language 
(A simple programming language based on BASIC).  In the code are assignments of the parameters used 
in each test.  The number of channels being used, excitation voltage, and sampling frequency are typical 
input variables.  The instruction code is downloaded into the CR9000 and stored in internal memory.  A 
test is performed, and then the data is retrieved from the CR9000 by means of a laptop computer.  All 
load tests for this project were sampled at a rate of 10 HZ, meaning each strain gage measurement was 
recorded every 1/10 of a second.  Since the truck loading was slow (truck speed was approximately 
5 mph), this sampling rate was adequate to accurately capture the response of the instrumented members.   

4.4 LOAD TEST TRUCKS 
Two identical tandem dump trucks provided by TxDOT, arbitrarily labeled Truck A and Truck B, 

were used to load the bridge for each test.  The trucks were loaded with gravel, and the front and tandem 
axles were weighed with portable scales prior to testing.  Figure 4.6 shows a photograph of a truck used 
for the tests 

Since the bridge had a high daily traffic, (1991 TxDOT estimate of 9,100 vehicles per day) all 
testing began at 10:00 pm to minimize disruptions to traffic. 

 

 

Figure 4.6 Tandem truck used for Llano load tests 

Figure 4.8 shows the configuration and weights of the truck used for the first test, and Figure 4.9 
shows the same for the second test.  The trucks used for the test were approximately equal in size and 
weight to an AASHTO H20 truck.  The AASHTO designation for an H20 truck is essentially an HS20 
truck (3 axles as shown in Figure 2.17) with the last axle removed.  Figure 4.7 compares the average load 
test truck to an AASHTO H20 truck.  
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14 '

32 k axle 8 k axle   

4.5 ' 13.5 '

~34 k tandem ~ 10 k axle
 

Figure 4.7 Comparisons of an H20 truck (left) and the average load test truck (right) 
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Llano Truck loading - Two TXDOT trucks
Labeled Truck A and Truck B

Truck A front axle 10.32k
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Truck B rear tandem  34.22k
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72" (6')

54"
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Figure 4.8 Dimensions and weights of test trucks for the first Llano load test 



 44

For each of the two load tests, runs were made in which the test trucks traveled slowly along the 
bridge and instrument readings were taken.  The truck positions were changed from one run to the next.  
For some test runs, both trucks traveled along the bridge together, oriented either side by side, in line 
front to back, or in line back to back.  For some test runs, only a single truck was used.   

Llano Truck loading - Two TXDOT trucks
Labeled Truck A and Truck B

Truck A front axle 10.32k
Truck B front axle 10.65k

Truck B rear tandem  34.22k
Truck A rear tandem 35.03k

162" (13.5')

78" (6.5')

72" (6')

54"

216"

Llano Truck loading - Two TXDOT trucks
Labeled Truck A and Truck B

Truck A front axle 10.46k
Truck B front axle 10.22k

Truck B rear tandem  32.78k
Truck A rear tandem 34.68k

162" (13.5')

78" (6.5')

72" (6')

54"

216"
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54"

216"

Llano Truck loading - Two TXDOT trucks
Labeled Truck A and Truck B

Truck A front axle 10.46k
Truck B front axle 10.22k

Truck B rear tandem  32.78k
Truck A rear tandem 34.68k

162" (13.5')

78" (6.5')

72" (6')

54"

216"

 

Figure 4.9 Dimensions and weights of test trucks for the second Llano load test 

Among the various test runs, truck positions were varied along the width of the roadway.  Test 
runs were conducted with the trucks positioned in the roadway center, as well as with wheel lines directly 
over stringers two through five.  No test runs could be conducted with the truck wheel lines directly over 
the outside stringers (one and six) due to narrow clearances between the truss and the roadway.  For each 
test run, the bridge was closed to all other traffic, so that the test trucks were the only vehicles on the 
bridge.   

Each run was normally performed twice, with a total of 22 runs for the first test, and 21 runs for 
the second test.  Table 4.2 and Table 4.3 list the runs executed for test one and two, respectively.  Under 
the location heading, the first letter (L or R) refers to which wheel line was positioned, and the second 
letter and number combination refers to which stringer was underneath that wheel line.  For example, 
L-S4 indicates the truck’s left wheel line was positioned on top of stringer number four. 
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Table 4.2 Load runs for the first load test 

Run Truck 
Location    

(L, R indicates left or right wheel line alignment, S refers to 
stringer) 

1 A & B Twin Trucks, Side by Side 

1B A & B Twin Trucks, Side by Side 

2 A & B Twin Trucks, Side by Side 

3 A & B Twin Trucks, In Line, Front to Back 

4 A & B Twin Trucks, In Line, Front to Back 

5 A Center Run 

6 B Center Run 

7 A R, S4 

8 B R, S4 

9 A L, S5 

10 B L, S5 

11 A L, S4 

12 B L, S4 

13 A L, S3 

14 B L, S3 

15 A R, S2 

16 B R, S2 

17 A R, S3 

18 B R, S3 

19 A & B Twin Trucks, In Line, Back to Back 

20 A & B Twin Trucks, In Line, Back to Back 

21 A & B Twin Trucks, In Line, Back to Back 
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Table 4.3 Load runs for the second load test 

Run Truck Location     
(L, R indicates left or right front wheel alignment,  

S refers to stringer number loaded) 
1 A & B Twin Trucks, Side by Side 
2 A & B Twin Trucks, Side by Side 
3 A & B Twin Trucks, In Line, Front to Back 
4 A & B Twin Trucks, In Line, Front to Back 
5 A Center Run 
6 B Center Run 
7 A R, S4 
8 B R, S4 
9 A L, S5 

10 B L, S5 
11 A L, S4 
12 B L, S4 
13 A L, S3 
14 B L, S3 
15 A R, S2 
16 B R, S2 
17 A R, S3 
18 B R, S3 
19 A & B Twin Trucks, In Line, Back to Back 
20 A & B Twin Trucks, In Line, Back to Back 
21 A & B Twin Trucks, In Line, Back to Back 

4.5 TEST RESULTS 
Strain data was collected for both load tests, and the results were converted to stress.  The stresses 

at each gage location were then plotted as a function of truck position as it traveled across the bridge.  
Essentially, the plots can be viewed as influence lines for multiple axle loads.  Plots of stress versus truck 
position for the two Llano field tests are provided in Appendices A and B.  Figures 4.10 through 4.14 
show typical test results.  The truck position is plotted as the location of the front wheels measured from 
the north end of the bridge, i.e. from beam B1.  The values of stress in the top and bottom flanges shown 
in these figures, as well as in subsequent figures and tables in this chapter, represent the extreme fiber 
stress. Gages were mounted on the inside face of the flanges (Figures 4.3 and 4.4). The measurements at 
the inside face of the flanges were then projected to the outer face of the top and bottom flange, based on 
an assumed linear stress distribution over the depth of the member. 

The results from the first and second test were fairly consistent in stress values, as may be seen in 
Figures 4.10 and 4.11.  These figures show stresses in stringer S4.  The maximum bottom flange stress is 
approximately 5 ksi, and the maximum top flange stress is 4.1 ksi for the nearly equal truck loads in the 
two different tests.  Superimposing both test results in one plot is shown in Figure 4.12.   
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Figure 4.10 Stresses for stringer S4 in first Llano test (run number 2) 
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Figure 4.11 Stresses for stringer S4 in second Llano test 
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Figure 4.12 Comparisons between Llano tests 1 and 2 for stresses in stringer 4 

This consistency in data between the two load tests may be seen in the transverse beams as well, 
as shown in Figures 4.13 and 4.14.  For this particular loading on the first beam, the maximum top and 
bottom stress is about 1.5 ksi.  These particular results (Figures 4.10 through 4.14) were chosen to 
illustrate typical test results, and reflect the trend for other members and loading cases.   
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Figure 4.13 Stresses for Beam B1 for first Llano test  
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Figure 4.14 Stresses for Beam B1 for second Llano test  

4.6 DISCUSSION OF RESULTS 

4.6.1 Characterizing Response of Floor Members 
In order to evaluate the results of the field tests (strain measurements) in comparison with the 

results of the finite element analysis and standard AASHTO load rating calculations, it is necessary to 
compare structural response quantities in a consistent manner.  To load rate a structural member, the 
quantities most often used are moment and stress.  For comparison purposes, the field strain 
measurements can therefore be evaluated in terms of moment or stress in the transverse beams and 
longitudinal stringers.   

Since the beams and stringers remained elastic in the load tests, stress in the steel can be 
computed simply as the measured strain multiplied by the elastic modulus of steel.  Moment can be more 
difficult to compute, however, because of the influence of unintended partial composite action exhibited 
in some of the members in the Llano load tests. This partial composite action was observed in some of the 
test data, and will be discussed in greater detail later.   

For steel floor members that showed no composite action, the conversion from strain to moment 
is straightforward, since all members remained elastic in the load tests. For elastic behavior, strain is 
linearly related to stress through Young’s modulus (E), and stress is linearly related to moment by the 
member’s section modulus (Sx).  Combining these relationships gives: 

 xM E Sε= ⋅ ⋅  (4.1) 

Equation (4.1) is based on several assumptions, such as no out of plane bending, no torsion, and no 
localized web or flange distortion affecting the strain gage readings.  In examining the data, these 
assumptions appear to be valid.  
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For members that demonstrated partial composite action in the load tests, the conversion from 
strain to moment is not as straightforward.  Because of the interaction between the slab and the steel 
member, an axial force is induced in both the steel beam and in the concrete slab.  In each component, 
there are two different strains at the top and bottom fibers, hence two different stresses.   Since the section 
is not acting in a fully composite manner however, there is slip at the steel-concrete interface, and a 
discontinuity in the strain diagram, as shown in Figure 4.15.   

 Concrete strain 

Steel strain 

Discontinuity of strain 
at the interface 

 

Figure 4.15 Strain distribution with partial composite action 

The strain distribution for a partial composite cross-section in Figure 4.15 will result in the stress 
distribution shown in Figure 4.16, assuming linear elastic response of the steel and concrete. Other 
researchers (Baldwin 1965, Bakht 1988, Jauregui 1999) have decomposed the unsymmetrical stress 
distribution in the steel member into an equivalent symmetrical stress distribution (producing only 
moment about the centroid of the steel section) and a constant axial stress (producing only an axial force 
“F” at the centroid of the steel section).  A similar decomposition can be made for the stresses on the 
concrete section.   

The total moment in the combined steel-concrete cross-section (Mtotal) can then be decomposed 
into a moment in the steel section based on the symmetric stress distribution in the steel (Msteel), plus a 
moment in the concrete based on the symmetric stress distribution in the concrete (Mconcrete), plus a 
moment due to the constant axial force multiplied by the distance between the centroids of the steel and 
concrete sections (Figure 4.16).  That is:  

  

 eFMMM concretesteeltotal ×++=  (4.2) 
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Figure 4.16 Total moment in partial composite section decomposed into components 
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For typical field test results, stresses are measured at the top and bottom of the steel section. The 
symmetrical stress in the steel is simply the average of the measured top and bottom flange stresses while 
the induced axial stress is half the difference between the measured top and bottom stresses.  The 
symmetrical strain distribution results in a moment Msteel based on Equation (4.1).  The axial force “F” in 
the steel section is simply the axial stress multiplied by the member area. 

The question arises as to exactly what quantity should be used to characterize the live load effect 
in the steel for purposes of comparing field test data with the results of analysis and for purposes of load 
rating. The load ratings of the bridge floor members developed in Chapters 2 and 3 were based on the 
bending moment in the steel members computed assuming no composite action. However, the actual 
bridge floor system exhibited some partial composite action. Determining moment carried by the 
components of the actual bridge floor system (i.e., the steel and the concrete) individually in the presence 
of partial composite action is not straightforward. Calculating the moment in the steel member based only 
on the symmetrical stress (i.e., Msteel in Figure 4.16) would be unconservative, since the maximum 
symmetrical stress is lower than the maximum measured stress in the member.  To account for the partial 
composite action exhibited, the assumed moment carried by the steel should include some effect of the 
axial force couple.  Other researchers (Baldwin 1965, Bakht 1988, Jauregui 1999, BDI, 1999) have used 
differing approaches to this problem. Nonetheless, characterizing the moment carried by the steel member 
alone in a partially composite system can lead to some ambiguity. 

Rather than interpreting the results of the field tests in the context of bending moment, an 
alternative and more straightforward approach is to compare the maximum stresses measured in the field 
tests to the maximum stresses predicted by analysis.  These results are summarized in Table 4.4.  Recall 
the first letter (L or R) in the load case designation refers to which wheel line was positioned, and the 
second letter and number combination refers to which stringer was underneath that wheel line.  For 
example, L-S4 indicates that the truck’s left wheel line was positioned on top of stringer number four.   

The outside stringers (S1 and S6) did not have direct wheel line loading because of lack of 
clearance between the truss and the trucks.  Hence, maximum values for those stringers were from 
loading on adjacent members.   

Table 4.4 gives the maximum stresses for the longitudinal members for all load cases.  Of interest 
is that the maximum recorded stress for the center stringers (S3 and S4) was not from a wheel line 
directly over the member.  Instead, the maximum response was obtained when the load truck partially 
straddled the member.  (This was actually a wheel line load on the adjacent member).  Figure 4.17 depicts 
this load position.   

The maximum stresses measured in the field tests will be used in the following sections for 
further evaluation of the behavior of the bridge floor system. 



 52

Table 4.4 Maximum stresses from the Llano load tests  

Member Load Test Load Case Maximum midspan stress 
(ksi) 

B2 Llano 1 Trucks side-by-side 4.9 
B2 Llano 2 Trucks side-by-side 4.6 
B1 Llano 1 Trucks side-by-side 3.6 
B1 Llano 2 Trucks side-by-side 3.4 
S1 Llano 1 R-S2 1.8 
S1 Llano 2 R-S2 1.9 
S2 Llano 1 R-S2 3.7 
S2 Llano 2 L-S3 3.6 
S3 Llano 1 L-S4 4.3 
S3 Llano 2 L-S4 3.7 
S4 Llano 1 R-S3 4.2 
S4 Llano 2 R-S3 4.0 
S5 Llano 1 L-S5 3.4 
S5 Llano 2 L-S5 3.5 
S6 Llano 1 R-S4 2.2 
S6 Llano 2 R-S4 2.1 
S7 Llano 1 L-S4 3.6 
S7 Llano 2 Not gaged Not gaged 

 

 

 

Figure 4.17 Maximum stringer response load position 

4.6.2 Load Distribution 
A distribution factor for a member is the fraction of the total moment on the system that is carried 

by that member.  For example, if the total moment carried by the system is 100, and the portion carried by 
the individual member is 78.2, the distribution factor is 0.782.  However, interpreting the field test results 
in the context of distribution factors leads to some ambiguity because the moment carried by a single 
member is not uniquely defined due to partial composite action.  An alternate approach is again to use the 
maximum stresses obtained in the members.  The distribution factor for an individual member can be 
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defined as the maximum stress in the member divided by the summation of maximum stresses of all the 
members.  Hence, for the ith member, the distribution factor (D.F.) is: 

 
( )
∑

=

i

iFD
max

max..
σ

σ
 (4.3) 

Since the finite element results are given in terms of moments, it is possible to obtain a DF by 
dividing the moment in an individual member by the total applied moment.  This approach results 
however, in a DF for the steel members that does not sum to unity because the slab carries a portion of the 
load.  An alternate approach is to calculate a distribution factor by dividing the moment in the individual 
member by the sum of the moments in all of the steel members.  The sum of the distribution factors 
would then sum to unity, but this approach does not include the effect of the slab carrying a portion of the 
total moment.  However, it was felt this method would more accurately compare with the method used to 
calculate the distribution factors in the field load test (Equation 4.3).   

Using average weight values for the load trucks, the maximum moment carried by a longitudinal 
member and a transverse member was calculated.  For longitudinal members, only a tandem axle was 
placed at midspan, since due to the short spans, the front axle was off the span when the rear tandem 
reached midspan.  AASHTO Allowable Stress and Load Factor ratings use distribution factors based on a 
wheel line load.  A wheel line is half the axle load – essentially the loading that would be applied as a 
vehicle traveled along the span with one side directly over a member, as shown in Figure 4.18.  Hence, an 
AASHTO distribution factor is based on half the load used in a load test or the finite element analysis.  
Recall the AASHTO distribution factor for the Llano deck longitudinal stringers was s / 5.5 = 0.82. To 
compare this AASHTO distribution factor to distribution factors obtained from the full axle loads in the 
field tests, it is necessary to use one half of that, or 0.41.  This distribution factor was compared to the 
distribution factor based on field test data for stringer S4, the controlling member in the load rating for the 
stringers in the deck.  Table 4.5 gives these results. Also shown in this Table are distribution factors based 
on finite element analysis, described in Section 4.7 below.  As can be seen, the distribution factors 
derived from field load testing are much lower than values assumed in a standard load rating.   

 

 

Figure 4.18 Plan view of deck showing a wheel line load on the second stringer from the right 
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Table 4.5 Comparison of distribution factors 

Member Load 
position 

DF 
(AASHTO) 

DF 
 (FEA) 

 DF (Llano 
1 load test) 

DF (Llano2 
load test) 

S4 L-S4 0.41 0.29 0.29 0.28 

S4 R-S3  0.41 0.28 0.28 0.30 

4.6.3 Unintended Composite Action 
No shear connectors are provided between the concrete slab and the steel floor beams and 

stringers in the Llano Bridge.  Consequently, the bridge floor system was not originally designed for 
composite action.  Although composite action was not considered in the design, some degree of 
composite action may develop in the actual bridge due to friction or chemical bond between the slab and 
steel members.  Such unintended composite action may be beneficial for the load capacity of the bridge 
floor system.   

From the field test data, composite action is evident from unequal top and bottom flange stresses 
in a steel member.  Figures 4.19 and 4.20 show typical test results for stringers, which exhibited such 
unequal stresses.  Figure 4.19 shows a top flange stress of approximately 82% of the bottom flange, while 
Figure 4.20 shows a top flange stress of approximately 63% of the bottom flange stress.   
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Figure 4.19 Measured stresses in stringer 4 in the first Llano test 

Composite action raises the neutral axis and lowers the top flange stress relative to the bottom 
flange.  The measured stresses at mid-height of the steel section shown Figures 4.19 and 4.20 reflect the 
rise in the neutral axis and further confirm the presence of partial composite action.  In general, the degree 
of unintended composite action was not consistent in different members in the same test.  An exception 
was the center stringers, which under the highest loads did show a consistent degree of composite action, 
with approximately a 20 to 30 percent increase in bottom flange stress as compared to the top flange.   

4.1 ksi

5.0 ksi
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Figure 4.20 Measured stresses in stringer 1 in the first Llano test 

  To assess the degree of composite action present, a comparison of elastic stress distributions is 
plotted for a stringer.  Figure 4.21 shows the stress profile of both a non-composite and fully composite 
stringer cross-section, with a unit bottom flange stress, corresponding to an applied moment on the non-
composite section of 7.4 k-ft.  Also plotted are the results presented from Figure 4.20, normalized by the 
maximum (bottom flange) stress.  Non-composite behavior has equal top and bottom flange stresses, and 
the fully composite section has an elevated neutral axis, and a small top flange stress as expected.  
Calculations show the fully composite elastic neutral axis is 16.83 inches, measured up from the bottom 
side of the bottom flange.  (Recall the depth of this section is 18 inches).  A unit bottom flange stress 
would result in a 0.0695 top flange stress for a fully composite section.   
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Test results
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Figure 4.21 Comparison of stress profiles for stringer  
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Figure 4.22 shows the location of the neutral axis for full, partial (test results) and non-composite 
action for the same data.   
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Figure 4.22 Neutral axis location in stringer 

These results indicate that although the stringers are exhibiting some unintended composite 
action, the degree of composite action is rather small compared to what would be expected for full 
composite action.  For a unit bottom stress, the top flange stress is approximately 0.812.  No composite 
action would have resulted in equal flange stresses.  

Composite action was seen to a greater extent in longitudinal stringers than in transverse beams.  
Stress plots for beams B1 and B2, shown in Figures 4.23 and 4.24, suggest very little composite action in 
these members.   

Transverse beams showed some composite behavior, but not in all tests and typically the stress 
difference between top and bottom flanges was less than 0.4 ksi.  In some of the tests, the transverse 
beams showed practically no composite behavior, while the longitudinal members showed some 
composite behavior in nearly every test.  The reason for the difference in the degree of unintended 
composite action between the longitudinal stringers and transverse beams is unclear, but may be due to 
the details of the deck construction.  As described in Chapter 2, the longitudinal stringers are embedded 
into the slab approximately 1 inch, whereas the transverse beams have no such embedment. Further, 
above each transverse beam is a slab construction joint, and the longitudinal slab reinforcement is not 
continuous over the transverse beams.  Figure 4.25 shows the construction detail above the beams. 
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Figure 4.23 Measured stresses in beam B1 in the first Llano test 
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Figure 4.24 Measured stresses in beam B2 in the first Llano test 
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Figure 4.25 Gap in slab above each transverse beam 

4.6.4 Beam End Fixity 
An assumption made in the finite element analysis as well as in the AASHTO load rating was that 

all floor members were simply supported at their ends. This was considered to be a conservative 
assumption, since any degree of end fixity would reduce maximum moments in the members. The Llano 
field test data was therefore examined to discern whether a significant degree of fixity might actually be 
present at the ends of floor members.   

To evaluate the possibility of beam end fixity, the stresses measured at discrete points along the 
length of the beam were plotted, and then extrapolated to the ends of the member. Data was used from the 
second Llano load test, in which gages were placed at 5 locations along the length of the second 
transverse beam (member B2).  Figure 4.26 shows the extrapolation of flange stress data to the ends of the 
member. The extrapolation is based on the moment diagram expected with two point loads 
(corresponding to the two wheel loads) acting on the member. This results in a region of constant moment 
(and therefore constant stress) between the point loads, and a linear variation between the point loads and 
the member ends. Although there is some uncertainty associated with the data extrapolation, the plot in 
Figure 4.26 suggest the transverse beams of the Llano bridge deck did not exhibit significant end fixity.   
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Figure 4.26 Stress along length of Beam B2 with single truck loading 
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Results from the first Llano test also suggest there was little restraint at the ends of the 
longitudinal stringers.  Stringer S7 was gaged approximately 18” in from the connection and also at 
midspan.  Figure 4.27 shows a plot of the stresses for a load test with the wheel line directly above the 
member and for a wheel line directly above the adjacent member.  Modeling the tandem acting as two 
point loads centered around the midpoint of the stringer, the expected moment diagram along the length 
of the stringer would be as shown in the dashed lines in Figure 4.27.  Again, the extrapolated stresses at 
the ends of the member suggest little if any fixity at the connections.   
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Figure 4.27 Stress along length of stringer S7 

4.7 COMPARISONS WITH FINITE ELEMENT ANALYSIS  
The finite element model described in Chapter 3 was used to analyze the bridge deck system with 

loading representing the trucks used for the field tests.  As in Chapter 3, for the longitudinal stringers, the 
front axles were truncated because the front axle on the adjacent span lowered the moment slightly, and 
average axle weights were used.  Figures 4.28 through 4.30 show the loadings.  To more accurately depict 
the tandem axle, the loads were broken up into four point loads instead of two.  The tandem wheel 
spacing was approximated at 4 feet (instead of 4.5 feet) because of the longitudinal spacing of the nodes 
in the deck model.  In a similar fashion, the distance to the front axle was rounded down to 13 feet 
(instead of 13.5 feet) for the transverse beam loading.  Since the outermost stringers were not tested in the 
field, no finite element analysis was done with field loads for these stringers. 
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Figure 4.28 Loading for field test in transverse beam 

 

 

 

Figure 4.29 Loading for field test in stringer 2 
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Figure 4.30 Loading for field test in stringer 3 

The bending stresses obtained using average truck load values in the two stringers and the beam 
computed using finite element analysis are listed in Table 4.6.   

Table 4.6 Finite element stress predictions with field test loads 

Member Stress (ksi) 

Stringers S2, S5 4.5 

Stringers S3, S4 4.3 

Beam B2 6.8 
 

Table 4.7 shows the stresses obtained from AASHTO calculations, from finite element analysis, 
and the average of the maximum stresses obtained from the field load tests.  Figures 4.31 and 4.32 show 
these same comparisons graphically.   

Table 4.7 Stress comparisons 

Member AASHTO FEA Field test FEA/AASHTO Field/AASHTO 

S2, S5 8.4 ksi 4.5 ksi 3.6 ksi 53.6% 42.9% 

S3, S4 8.4 ksi 4.3 ksi 4.1 ksi 51.2% 48.8% 

B2 8.4 ksi 6.8 ksi 5.1 ksi 80.9% 60.7% 
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Figure 4.31 Stress comparisons for longitudinal stringers S2 and S3 
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Figure 4.32 Stress comparisons for transverse beam B2 

These results show that the maximum stresses measured in the stringers and beam were 
significantly lower than the stresses predicted using standard AASHTO load rating calculation methods. 
In the stringers, the measured stresses were less than half of those predicted using AASHTO calculations. 
In the case of the transverse beam, the measured stress was approximately 60-percent of the value based 
on AASHTO. The measured stresses were much closer to the stress values predicted by FEA, although 

Stress (ksi) 

AASHTO 
FEA 

Field test 

Stress (ksi) 



 63

the measured stresses were still somewhat lower. This suggests that the FEA model does not completely 
capture the actual response of the deck members. However, the field test data suggests the error in the 
finite element model is on the conservative side. That is, the finite element model predicts stresses that are 
somewhat higher than the measured values. 

4.8 SUMMARY 
Two field load tests were conducted on the floor system of the Llano Bridge.  Both tests utilized 

trucks that approximated an H20 load vehicle.  Strain gage data was taken using a portable data 
acquisition system, and this data was converted into stress in the steel beams and stringers.  

The field test data showed live load moments in the floor beams and stringers that were 
significantly lower than predicted by the standard AASHTO load rating presented in Chapter 2.  In many 
cases, the field test data showed stresses that were less than half of those predicted by standard AASHTO 
calculations.  This suggests that the bridge floor system is significantly stronger than indicated by the 
standard load rating, and that an increased load rating for the bridge floor members is likely justified. 

The field test data also showed live load stresses smaller than predicted by the finite element 
model of the bridge floor system.  However, the difference between the field test data and the finite 
element model predictions were much smaller than the difference with the standard load rating 
calculations.  The field test data showed stresses that were at most case 5 percent smaller than predicted 
by the FEA for the stringers, and 25 percent smaller for the transverse beams.  Thus, the finite element 
model, although predicting much smaller stresses than standard load rating calculations, still provided 
conservative predictions compared to field test data.  

The field data showed that some of the floor members exhibited a small degree of unintended 
composite action with the concrete slab.  Where composite action was measured, it most frequently 
occurred in the longitudinal stringers rather than the transverse beams.  The composite action, however, 
was not consistent in all loading positions nor was it necessarily constant long the length of the member.  
Based on the field test data, it appears that composite action cannot be relied upon as a consistent source 
of additional strength in the bridge floor system.  

Even without composite action, the field test data and the finite element model suggest that the 
concrete slab is acting as a significant structural element in the bridge floor system.  The slab provides 
benefits to the floor system by resisting a significant amount of bending moment, thereby reducing the 
stress carried by the stringers, and also by providing improved distribution of loads to the floor stringers 
and beams.  These very important benefits of the slab are not considered in the standard load rating 
calculations that assume the slab carries no moment and which assume very conservative load distribution 
factors.  The beneficial effects of the concrete floor slab appear to be a key reason why the field-measured 
stresses as well as the stresses predicted by finite element analysis are so much smaller that the stress 
predicted by the standard load rating calculations. 

Finally, extrapolation of field test data suggest that the bending stresses near the ends of the 
transverse beams are very low, and consequently that little or no fixity is present at the beam ends.  

The field load tests on the Llano bridge deck have provided significant insights into the structural 
response of the deck system. In the following chapter, additional field test data will be examined for the 
deck of another truss bridge for further insight into the behavior of the system. 
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Chapter 5: 
Goliad Field Load Test 

5.1 INTRODUCTION 
Subsequent to the Llano field tests described in Chapter 4, additional field tests were conducted 

on a similar bridge located in Goliad, Texas (Figure 5.1).  This bridge was scheduled for replacement and 
demolition, and field load testing was conducted just prior to demolition. Consequently, this bridge was 
tested at a much higher load than was used for Llano, since a limited amount of yielding could be 
tolerated.   

 

 

Figure 5.1 Parker truss bridge in Goliad, Texas 

The Goliad bridge was very similar to the Llano bridge, except that it was somewhat smaller, and 
consisted of only one span as opposed to four. This chapter discusses the purpose and objectives, 
instrumentation, data acquisition, loading, and the results of the Goliad Bridge test.   

5.2 BRIDGE REPLACEMENT AND DEMOLITION SEQUENCE 
The Goliad truss bridge is located on US Highway 183 and crosses the San Antonio River. The 

truss bridge was replaced and demolished in August of 1999. In the sequence of replacement and 
demolition, new single lane prestressed concrete bridges were first constructed on both sides of the truss 
bridge, while the truss bridge remained in service. Traffic was then diverted to the new single lane 
bridges, and the old truss bridge was demolished. Subsequently, an additional prestressed concrete bridge 
was constructed in between the new outer lanes to complete the new bridge. Field load tests were 
conducted after traffic was diverted off the old truss bridge, just prior to demolition. 
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Figures 5.2 and 5.3 show the new bridge during construction and after completion.  
Reinforcement steel can be seen protruding from the side lanes, ready to tie the future center lanes 
together.  Figures 5.4 and 5.5 show the replacement bridge after completion. 

 

 

Figure 5.2 Lanes built around the original bridge 

 

 

Figure 5.3 Detail showing connecting rebar  
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Figure 5.4 View to the north of finished replacement bridge 

 

 

Figure 5.5 South view of finished replacement bridge 

5.3 BACKGROUND 

5.3.1 Bridge Description 
The Goliad truss was a Parker configuration as the Llano Bridge, except that Goliad had only 6 

deck segments as compared to 9 for Llano, and each segment had a length of approximately 20 feet, as 
compared to 22 feet for Llano. Figure 5.6 shows the Goliad truss elevation with dimensions.  Plans 
indicate an age similar to the Llano Bridge – construction in mid 1930’s.   

The truss was similar in design to the Llano truss; built up sections for the top and bottom chords, 
as well as for most of the verticals.  Diagonal members were either built up sections or I beams, as shown 
in Figure 5.7. 
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Figure 5.6 Goliad truss elevation 
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Figure 5.7 Individual members of Goliad truss 

The deck consisted of transverse beams (W33x125), 25 ft.-10.5 in. long, located at the lower 
panel points of the truss, connected with angles to the truss verticals as in the Llano bridge.  Six 
longitudinal stringers (W18x47) 20 ft. in length, framed into the transverse members connected with 
angles.  Longitudinal members were embedded approximately 1 inch into the concrete slab, as in the 
Llano deck.  Figure 5.8 is a section view of the deck.  Since the yield stress of the steel was unknown, for 
analysis purposes, the yield stress was assumed to be 30 ksi as per AASHTO specifications for unknown 
steel based on date of construction.   
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Figure 5.8 Goliad steel deck member framing 
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The reinforced concrete slab was very similar to the Llano slab, with a small increase in 
longitudinal reinforcement.  The slab thickness was 6.5 inches, and all reinforcement consisted of #5 bars. 
Longitudinal bars were spaced at approximately 10 inches. Transverse reinforcement was estimated to be 
spaced at approximately 5 to 6 inches.  Transverse reinforcement was bent into the same “crank bar” 
configuration as the Llano deck, as shown in Figure 2.7.  Slab details for Goliad are shown in Figure 5.9.   

 

 

Figure 5.9 Goliad slab and reinforcement details 

5.3.2 Test Objectives 
The testing in Llano was limited in the magnitude of the applied loads since the bridge was still in 

service. Very high loads could not be placed on the structure to avoid any possibility of damage.  This 
was not the case with the Goliad bridge.  This structure was designated for demolition, and therefore 
some overload could be tolerated.  

The Llano test results showed significant reserve capacity over the normal hand calculations 
performed in an AASHTO load rating.  The Goliad bridge offered an opportunity to confirm these 
findings, and to test to a higher load than the Llano test.  Hence, the goals of the Goliad test were similar 
to the Llano test and meant to corroborate and extend results from Llano. 

5.4 INITIAL ANALYSIS 

5.4.1 Introduction 
As a first step in preparing to test the Goliad Bridge, a conventional AASHTO bridge load rating 

was done, as well as an analysis with a proposed pair of load vehicles. At the time of initial planning for 
the load test, the availability of loading vehicles was not known. However, an initial structural analysis 
was conducted to assure that the bridge could safely accommodate very heavy test vehicles. 
Consequently, structural analysis was conducted for an assumed pair of tandem axle concrete ready-mix 
trucks as a first estimate of heavy load test vehicles.  Dimensions and weights were obtained for typical 
fully loaded trucks from a local concrete ready-mix supply company, and then conservatively the 
wheelbases where shortened, the tandem collapsed to a single axle, and loads increased.  The fictitious 
truck used to evaluate the bridge is pictured in Figure 5.10.   

This loading was assumed to conservatively approximate the highest possible load that would be 
used in a load test.  Although the wheelbase is 2 ft. longer than H20 loading, the front axle is 37.5% 
heavier, and the rear axle is 81% heavier, making this loading much more severe than H20.  Additionally, 
because of the short deck spans, this assumed loading is also more severe than HS20. 
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192" (16')

72" (6')

11 kips each

29 kips each

 

Figure 5.10 Assumed truck loading 

5.4.2 Analysis Results 

5.4.2.1 Assumed Truck Loading 

Using the fictitious trucks in a side-by-side configuration, the unfactored results for the truss 
members are shown in Figure 5.11.  The truck axles were placed longitudinally at different panel points to 
obtain the largest response in each of the members. The results are given as a ratio of the capacity of the 
member to the largest response from any load position.  Unfactored loads and capacities were used since 
the loading was assumed to be larger than any actual test loading, and the yield strength was 
conservatively assumed to be 30 ksi based on date built.  Since the results showed significant reserve 
capacity, the truss was deemed safe under the assumed load test vehicles.   
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Figure 5.11 Analysis results for side-by-side truck loading 

In addition to evaluating the safety of the truss members, the floor members were also evaluated 
for safety under the assumed load test vehicles. Placing the assumed wheel load of 29 kips at midspan of a 
longitudinal stringer, and not using any distribution factors results in a live load stress of 21.1 ksi.  
Superimposing a dead load stress of 3.6 ksi results in a maximum unfactored stress of 24.7 ksi.  This 
would allow an approximate factor of safety of 18% against yield.  The fact that limited yield was 
acceptable, plus other conservative assumptions such as no distribution factor, led to the conclusion that 
the stringers were safe to test to this load level.   

Supply/Demand 
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Transverse floor beams were analyzed with trucks positioned side-by-side, three feet apart, 
centered transversely.  This loading results in a live load stress of 16.8 ksi.  Adding a 6.2 ksi dead load 
stress results in a total stress of approximately 23 ksi.  This gives a factor of safety against first yield of 
over 23%, which given the conservative nature of the analysis, was deemed satisfactory.  Table 5.1 
summarizes the analysis results for deck members for the fictitious load test vehicles.   

Table 5.1 Analysis results of assumed truck loading 

Member Live load 
stress 

Dead load 
stress Total Stress Ratio 

σtot/σy 

Stringer 21.1 3.6 24.8 82.6% 
Beam 16.8 6.2 23.0 76.6% 

 

These results are not intended to be an exact representation of bridge deck response, but an initial 
conservative appraisal of capacity.  As can be seen in Table 5.1, the structure appears to have a significant 
reserve capacity to safely accommodate very heavy load test vehicles.   

5.4.2.2 AASHTO Load Rating 

In a similar fashion to the Llano bridge, a conventional AASHTO bridge load rating was 
performed on the steel deck members of the Goliad bridge.  Because of the large capacity results of the 
truss analysis of the Llano Bridge, as well as the previous analysis for the assumed truck loadings, a load 
rating of the Goliad truss members was not done. Load ratings were determined only for the longitudinal 
stringers and transverse floor beams.  

Load ratings were determined for the floor beams and stringers of the Goliad bridge, in a manner 
similar to Llano bridge as described in Chapter 2 (see Section 2.3.5). As in the Llano Bridge, the 
inventory ratings for the stringers are quite close to HS20, whereas the transverse members rate 
significantly below HS 20.  Table 5.2 gives the rating results. 

Table 5.2 AASHTO HS load rating of Goliad bridge deck 

30 ksi yield stress 
Stringers 

Method Inventory Operating Overload 
AS 19.9 30.3 N/A 
LF 21.5 36.0 19.7 

Beams 
Method Inventory Operating Overload 

AS 12.9 21.5 N/A 
LF 15.8 26.4 14.1 

5.5 LOAD TEST 

5.5.1 Instrumentation 
As in the Llano test, the floor beams and stringers at Goliad were instrumented with strain gages. The 
height and location of the bridge above the San Antonio River made instrumentation somewhat more 
difficult than in Llano, as the members could not be reached via ladders.  However, due to the 
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construction of the new bridge outside the truss bridge, instrumentation was possible using those lanes as 
a platform.  TxDOT supplied a “snooper” truck to allow access to the underside of the bridge.  
Figures 5.12 through 5.14 show the truck and instrumentation access.   

Because of the access provided by the snooper truck, it was possible to instrument a center 
section of the deck.  The fourth deck segment from the north abutment was chosen because construction 
blocked other areas.  Figure 5.15 shows the deck area instrumented.  All instrumentation consisted of 
strain gages located on steel members, inside top and bottom flanges, as well as mid-depth of the web. 
Figure 5.16 shows the number and gage locations, while Figure 5.17 shows gage placement on the 
members.   

The gages were placed while traffic was still on the truss bridge.  Testing occurred over a month 
later, when traffic was diverted to the outside lanes, and the truss was closed to traffic.   

 

Figure 5.12 TxDOT snooper truck 

 

Figure 5.13 Access to bridge deck 
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Figure 5.14 Platform extension used to instrument deck 

 

Figure 5.15 Deck segment instrumented 
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Figure 5.16 Gage locations and number of gages at each location 

B5 
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Figure 5.17 Strain gage locations on cross-section 

5.5.2 Loading 
Based on availability, the load test vehicle was a “low boy” tractor-trailer loaded with concrete 

lane dividers.  Figure 5.18 shows the tractor-trailer during a load test, and Figure 5.19 shows the truck 
dimensions.   

The number of concrete barriers placed on the truck was varied to permit testing at different load 
levels. Test runs were made with an empty truck, and with two, three, and finally five barriers loaded onto 
the truck.  Portable scales provided by the Texas Department of Public Safety were used to measure each 
axle for all load cases.  Table 5.3 lists the loadings. In this table, Axle 1 refers to the front axle, Axle 2 to 
the front tandem, and Axle 3 to the rear tandem. Figure 5.20 shows the loading process, and Figure 5.21 
shows the portable scales weighing the trucks.   

 

 

Figure 5.18 Goliad load test truck 
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Figure 5.19 Dimensions of test vehicle 

Table 5.3 Axle weights for Goliad load test truck (pounds) 

Empty truck 
 Axle 1 Axle 2 Axle 3 Total 

Axle 11,020 17,100 7,960 36,080 
Wheel 5,510 8,550 3,980 18,040 

1 barrier 
Axle 10,980 23,000 28,660 62,640 

Wheel 5,490 11,500 14,330 31,320 
2 barriers 

Axle 11,120 25,860 37,900 74,880 
Wheel 5,560 12,930 18,950 37,440 

3 barriers 
Axle 10,920 29,900 57,260 98,080 

Wheel 5,460 14,950 28,630 49,040 
 

 

Front axle 

Rear tandem 
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Figure 5.20 Barrier loading to increase axle weight 

 

 

Figure 5.21 Portable scales used to weigh truck 

Multiple runs were made with different loadings and transverse positions.  Test runs were made 
with the truck positioned with the left wheel line above the second stringer, with the truck centered on the 
bridge, and lastly with the right wheel line above the fifth stringer.  These positions are shown in 
Figure 5.22.  Each run was normally done twice (the empty truck was done only once in each position) 
with a total of 21 runs.  Table 5.4 gives the run list with the barrier loadings.   
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West loading East loading

Center Run

 

Figure 5.22 Transverse truck positioning for Goliad field load test 

Table 5.4 Load runs for Goliad test 

Run Location Load Run Location Load 
1 West Empty 12 C 3 barriers 
2 C Empty 13 C 3 barriers 
3 East Empty 14 East 3 barriers 
4 C Empty 15 East 3 barriers 
5 West 2 barriers 16 West 5 barriers 
6 C 2 barriers 17 West 5 barriers 
7 C 2 barriers 18 C 5 barriers 
8 East 2 barriers 19 C 5 barriers 
9 East 2 barriers 20 East 5 barriers 

10 West 3 barriers 21 East 5 barriers 
11 West 3 barriers    

5.5.3 Finite Element Analysis of the Goliad Bridge Deck 

5.5.3.1 Finite Element Model 

In a similar fashion to the Llano structure, an elastic finite element model of the Goliad bridge 
deck was created using SAP 2000.  Standard two node beam elements were used for the steel members, 
and four node isotropic shell elements were used for the slab.  Two deck sections were modeled, and a 
1-inch gap in the shell elements was introduced to represent the construction joint between deck 
segments, as in the Llano model.  Thick shell elements represented the curbs along the longitudinal edges.  
Figure 5.23 shows the model.  Load cases were used to mimic the test load trucks.   
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Figure 5.23 Finite element model of Goliad deck (shell elements hidden) 

To obtain the maximum response, only the rear tandem was placed on the structure.  The rear 
tandem was the most heavily loaded portion of the truck, and because of the large distance to the next 
axle (over 26 ft.), any other axles would be well off the span.  The rear tandem was approximated with 
four equal concentrated loads spaced 6-1/2 feet apart transversely and 4 feet longitudinally.  Figure 5.24 
depicts the tandem loading on the center transverse beam.   

 
Figure 5.24 Tandem loading on center beam for Goliad deck 
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5.5.3.2 Finite Element Analysis Results 

The finite element results are presented in Table 5.5.  Results are for the center stringers (S3 and 
S4) loaded with a center run, second stringer (S2) loaded with an east run (wheel line over S2), and the 
center transverse beam loaded with a center run.  For comparison, stresses were computed in these 
members for the same load cases using conventional AASHTO calculation methods. 

 

Table 5.5 Finite element results for Goliad deck members 

  Member stresses (ksi) 
Load Tandem 

weight (kips) 
Beam S3, S4 S2 

Unit axle 
load 

1.0 0.12 0.13 0.13 

Empty 7.96 0.96 1.0 1.0 
2 barriers 28.7 3.4 3.6 3.7 
3 barriers 37.9 4.4 4.8 4.9 
5 barriers 57.3 6.7 7.3 7.4 

 

Table 5.6 compares AASHTO calculations to the finite element predictions for a unit axle weight.  
AASHTO calculations for the longitudinal members used a distribution factor of 41.02

1
5.5 =⋅S .  The 

distribution factor is halved because a unit axle load was used instead of a unit wheel line load. The 
stresses predicted by finite element analysis are significantly lower than what AASHTO calculations 
would predict, with a more prominent difference in longitudinal members than transverse. In the stringers, 
the FEA stresses are approximately 50 percent of the stresses predicted by AASHTO calculations. For the 
beam, the FEA stress is about 75 percent of the AASHTO calculated stress. 

Table 5.6 Stress comparisons between AASHTO calculations and FEA 

 Member stresses (ksi) 
Member Beam S3, S4 S2 

FEA 0.12 0.13 0.13 
AASHTO 0.16 0.24 0.24 

 Ratio – FEA/AASHTO 
 Beam S3, S4 S2 
 75.2% 53.0% 54.3% 

5.6 LOAD TEST RESULTS 
Similar to the Llano field test, strain data was taken in the Goliad field test and converted to 

stress.  The stresses where then plotted against the truck longitudinal position.  Plots of stress versus truck 
position for the Goliad field test are provided in Appendix C.  Unfortunately, apparently due to the long 
time gap between gaging and testing, there were a larger number of defective gages in the Goliad test.  
Because of the inaccessibility of the members in Goliad, gages could not be replaced prior to the test.  
There were, however, enough gages still functioning to obtain a satisfactory amount of data.  
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Representative plots of field test data for transverse beams are shown in Figures 5.25 through 
5.28.  Compared to the Llano field tests, the Goliad tests showed virtually no unintended composite action 
in the beams.  Although not consistent, the Llano Bridge did show some partial composite action in the 
transverse beams, (Figure 4.24).  Goliad test results showed little if any difference in top and bottom 
flange stresses in the transverse beams, indicating non-composite behavior.  Although it is difficult to 
compare exactly the Llano and Goliad tests because of different member sizes, spans, loads and load 
spacing, approximate comparisons show reasonable similarity in the overall behavior of the two bridge 
deck systems.  For example, Figure 5.28 shows the Goliad test results for a transverse beam with a 
maximum axle loading of approximately 37.9 kips.  The maximum induced stress at midspan is 
approximately 3.9 ksi.  Figure 5.29 shows a similar result for the Llano test, with a maximum induced 
stress of a transverse member at midspan to be approximately 3.3 ksi.  Both members are the same length, 
and the higher stress associated with the Goliad test may be attributed to a smaller section modulus (385 
in3 vs. 414 in3) and a higher axle weight (approximately 38 kips vs. 34 kips).   

Representative plots for the longitudinal stringers are shown in Figures 5.30 and 5.31. As with the 
Llano test, longitudinal stringers showed some degree of unintended composite action. Figure 5.30 clearly 
indicates some degree of composite action with a larger peak stress in the bottom flange than in the top 
flange (1.8 ksi in the bottom vs. 1.4 ksi in the top), and an elevated mid-web stress.  Similar tendencies 
are shown in Figure 5.31, i.e., a non-symmetrical stress distribution (3.2 ksi bottom flange and 2.6 ksi top 
flange stress), and a non-zero mid-depth stress.   
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Figure 5.25 Goliad test results for midspan of transverse beam B4  
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Figure 5.26 Goliad test results for midspan of transverse beam B5 

 

 

 
-3.0

-2.0

-1.0

0.0

1.0

2.0

3.0

0 20 40 60 80 100 120 140

Front Wheel Position (ft)

St
re

ss
 (k

si
)

28.6k        23k    11k
x

X gage position
Axle loads Bottom Flange

Top Flange

 

Figure 5.27 Goliad test result for quarter point transverse beam B4 
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Figure 5.28 Test results for transverse beam in the Goliad test 
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Figure 5.29 Test results for a transverse beam in the Llano test 

Comparisons to the Llano test may be seen in Figures 5.32 and 5.33, although a direct 
comparison between Llano and Goliad is difficult because of the potentially different degrees of 
composite action.  Additionally, the Llano stringer was longer (22’ compared to 20’ in Goliad), the axle 
weight was higher in the Goliad test, the wheel line positioning was slightly different, and the Goliad 
member has a smaller section modulus (82 in3 vs. 89 in3).  Examining the average extreme fiber stress 
shows between 3.7 and 4.1 ksi in the Llano test, and between approximately 4.3 and 4.5 ksi in the Goliad 
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test.  The difference is reasonable given the different parameters involved in the comparison.  These 
comparisons indicate that the Goliad bridge deck members responded in a similar manner to the Llano 
bridge deck members. 
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Figure 5.30 Goliad test results for longitudinal stringer S3 
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Figure 5.31 Goliad test results for longitudinal stringer S4 
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Figure 5.32 Llano midspan stress plot for longitudinal stringer 
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Figure 5.33 Goliad midspan stress plot for longitudinal stringer 

5.7 LOAD TEST COMPARISONS TO FINITE ELEMENT ANALYSIS AND AASHTO CALCULATIONS 
Tables 5.7 and 5.8 compare the maximum stresses measured in the field tests with those predicted 

by finite element analysis and by AASHTO calculations. Table 5.7 shows results for transverse beams, 
and Table 5.8 shows results for longitudinal stringers. The maximum stresses in each of the members 
resulted from center run load tests.  
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Table 5.7 Stress comparisons for transverse beams 

Transverse beam B5 
 Stress (ksi)  Ratio 

Load  
(k) 

Field Test FEA AASHTO FEA/AASHTO Field test/ 
AASHTO 

7.96 0.7 0.9 1.2 75.2% 59.3% 
28.6 3.0 3.4 4.5 75.2% 67.6% 
37.9 4.1 4.4 5.9 75.2% 70.1% 

57.26 6.6 6.7 8.9 75.2% 74.2% 
Transverse beam B4 

 Stress (ksi)  Ratio 
Load  

(k) 
Field Test FEA AASHTO FEA/AASHTO Field test/ 

AASHTO 
7.96 0.8 0.9 1.2 75.2% 67.7% 
28.6 3.0 3.4 4.5 75.2% 67.4% 
37.9 4.2 4.4 5.9 75.2% 70.3% 

57.26 6.5 6.7 8.9 75.2% 72.4% 

 

Table 5.8 Stress comparisons for longitudinal stringers 

Longitudinal stringer S3 
 Stress (ksi)  Ratio 

Load  
(k) 

Field Test FEA AASHTO FEA/AASHTO Field test/ 
AASHTO 

7.96 0.7 1.0 1.9 53.0% 36.3% 
28.6 3.1 3.6 6.9 53.0% 45.7% 
37.9 4.5 4.8 9.1 53.0% 49.4% 

57.26 7.0 7.3 13.7 53.0% 51.9% 
Longitudinal stringer S4 

 Stress (ksi)  Ratio 
Load  

(k) 
Field Test FEA AASHTO FEA/AASHTO Field test/ 

AASHTO 
7.96 0.7 1.0 1.9 53.0% 36.3% 
28.6 3.0 3.6 6.9 53.0% 43.3% 
37.9 4.3 4.8 9.1 53.0% 46.9% 

57.26 7.1 7.3 13.7 53.0% 51.9% 
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Since the second and fifth longitudinal stringers (S2, S5) were not instrumented, no field test 
results and comparisons were possible. Also, since there was not a direct wheel line loading of stringers 
S3 and S4 in the field tests, the AASHTO analysis is based on slightly different load positions than the 
field test.  However, a direct wheel line loading would move the loads only 15 inches. Finite element 
analysis shows only a 1-percent change in predicted stress in the stringer when the wheel line is moved 
15 inches. Consequently, the differences in wheel line location between the field test and the AASHTO 
calculation is not considered significant.  

The comparisons in Tables 5.7 and 5.8 reflect the same trend found in the Llano analysis, i.e., that 
conventional AASHTO calculations are conservative compared both to finite element analysis as well as 
to field test results.  The largest differences occur in the longitudinal stringers, where the field measured 
stresses are typically less than half of those predicted by AASHTO. For the transverse beams, the field 
measured stresses range from 60 to 75 percent of the stresses predicted by AASHTO calculations. For 
both the transverse beams and longitudinal stringers, the stresses predicted by finite element analysis are 
much closer to the field measured values, but somewhat higher. Consequently, as was the case in Llano, 
the finite element analysis is providing a significantly more accurate, although still somewhat 
conservative, estimate of field measured response. 

An additional observation from the Goliad test is that the ratio of the maximum stress to the load 
was not constant, i.e., the load – stress relationship is nonlinear.  Since there was likely no inelastic 
material response, the stress should theoretically increase proportionately with the load.  However, as 
shown in Figure 5.33, the ratio of maximum stress to load increases with increasing load.  This 
phenomenon occurs with both the transverse and longitudinal members, but is most pronounced in the 
longitudinal members. A possible reason for this phenomenon may be that the degree of unintended 
composite action reduces at higher load levels, as discussed in the following section. 
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Figure 5.34 Axle Load versus Stress/Load Ratio 
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5.8 SLIP PHENOMENA 
As described above, field load test data for longitudinal stringers often exhibited some degree of 

unintended composite action.  This was observed in both the Llano tests (Figures 4.19 and 4.20), as well 
as the Goliad test (Figures 5.30 and 5.31).  As discussed in chapter 4, many other researchers have 
observed unintended composite action in other field tests on bridges without mechanical shear connectors.  
The question then arises as to whether this additional strength can be utilized in the evaluation and load 
rating of an existing structure.   

As illustrated by the data in Figure 5.35, results of the Goliad field test suggest that this 
unintended composite action may not be a reliable source of additional strength.  The points marked by 
the ovals indicate a sudden shift in stress.  This occurrence was repeated in both of the instrumented 
stringers for different loads and load positions, as seen in Figures 5.36 and 5.37.  All plots indicate the 
same sudden jump in stress at the maximum loadings.   

The loading was pseudo-static, (the truck speed was less than 5 mph); hence there was likely no 
sudden increase in load due to impact effects.  The stress is related to the moment through the section 
modulus. Given that the moment is relatively constant, the jump in stress is likely caused by a sudden 
decrease in section modulus.  Since the section modulus of a partially composite member is higher than a 
non-composite one, it appears that the jump in stress is caused by the sudden loss of the unintended 
composite action.  The unintended composite action is believed to be caused by friction.  At the instant of 
the stress jump, the shear force at the interface likely overcomes the frictional resistance.   

In data taken from the graph depicted in Figure 5.36, a stress distribution over section depth is 
plotted in Figure 5.38 for the condition prior to slip.  
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Figure 5.35 Midspan stress in stringer S3: truck loaded with two barriers 
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Figure 5.36 Midspan stress in stringer S3: truck loaded with three barriers 
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Figure 5.37 Midspan stress in stringer S4: truck loaded one barrier 
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Figure 5.38 Pre-slip stress profile over depth of stringer 

The figure shows the unsymmetrical stress distribution associated with composite action.  Bottom 
flange stress is approximately 7.1 ksi, while top flange stress is approximately 5.9 ksi.  The neutral axis is 
located approximately 2-1/2 inches above mid-depth.  As the loading increases, the stress distribution 
suddenly changes, and the neutral axis drops as shown in Figure 5.39 for the same stringer after slip.   
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Section Depth  

Figure 5.39 Post-slip stress profile over depth of stringer 

The post-slip stress profile shows near equal stresses in the top and bottom flanges (2.1 and 
2.3 ksi, respectively), and a neutral axis near mid-depth.  This indicates a predominantly non-composite 
response.  Figure 5.40 shows the drop in neutral axis associated with the loss of composite action as slip 
occurs.   
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Figure 5.40 Change in neutral axis location as slip occurs in the member 

This loss of composite action did not occur in every load case, and was more prominent in the 
stringer S3 than in S4.  However, based on these results, it appears that composite action is not a reliable 
source of reserve strength. 

The slip phenomenon was not as clearly observed in the Llano load test, and it is felt that the 
difference in the load vehicles may be the reason.  The Llano test trucks had much shorter longitudinal 
wheelbases than the Goliad test truck.  Other researchers, (Chajes et al 1997, Saraf and Nowak 1998), 
have observed partial composite action in load tests on bridges without mechanical shear connectors, and 
their results do not reflect any slip.  However, Chajes et al (1997) used a load vehicle similar to the Llano 
test vehicle, and Saraf and Nowak (1998) used military tanks.  It is conjectured that the much larger 
spacing between axles in the Goliad test contributed to the slip. Further, the conditions at the interface 
between the steel beams and concrete floor slab may have been different among these various cases.   

5.9 SUMMARY 
A bridge located in Goliad, Texas was selected as another case study for this project.  Although 

very similar to the Llano Bridge, the Goliad structure was demolished and subsequently replaced.  
Because of this, the Goliad Bridge was tested prior to demolition to a much higher level than the Llano 
Bridge.  In a similar fashion to the Llano case study, a finite element analysis was performed as well for 
the Goliad bridge deck system, and compared to both the field tests and conventional AASHTO 
calculations of stress. 

The overall trend in results for Goliad was quite similar to the Llano load test. Stresses predicted 
by the AASHTO calculations were significantly higher than the stresses predicted by finite element 
analysis. The stresses predicted by finite element analysis, in turn, were somewhat higher than those 
measured in the field test. The highest loading used in the Goliad test was approximately a 57.3 kip axle 
load.  Even at this high of a load (almost 80% higher than an HS20 axle), the maximum live load 
response was well under yielding, less than 8 ksi for both longitudinal and transverse members.  (Dead 
load stresses were estimated to be approximately 3.6 ksi for longitudinal members, and 6.2 ksi for 
transverse members).  The magnitude of the test loading was limited by the capacity of the load vehicle.  

An additional finding in the Goliad test was the rather clear loss of unintended partial composite 
action in the longitudinal members during many of the load runs.  A sudden jump in stress was noticed 
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during high moment response in the members.  The test data showed both a sudden increase in stress and 
a simultaneous drop in the neutral axis.  Stresses before the jump were found to be unsymmetrical, and 
subsequent to the jump, nearly symmetrical.  It is believed that the shear stresses at the concrete-steel 
interface overcame the frictional resistance and allowed slip.  This slip caused loss of the partial 
composite action that had been observed in other load cases, as well as in the Llano test.  Because of the 
loss of the composite action, it appears that the additional strength associated with a composite structure 
cannot be relied upon for capacity determination.   

The Goliad load test also confirmed that the finite element model of the bridge deck provided a 
significantly more accurate prediction of member response than obtained from conventional AASHTO 
calculations. The stresses measured in the floor beams and stringers were significantly lower than 
predicted by the AASHTO calculations, indicating that the conventional AASHTO calculations 
significantly underestimate bridge deck capacity. The stresses predicted by the finite element analysis are 
much closer, although still somewhat higher, compared to those measured in the field test. Thus, as was 
the conclusion from the Llano test, the Goliad test indicates that the finite element analysis provides a 
very useful tool for load rating the bridge deck members. The finite element analysis provides a more 
realistic, but still somewhat conservative prediction of the response of the bridge deck members to truck 
loading. 
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Chapter 6: 
Laboratory Investigation 

6.1 INTRODUCTION 
The final portion of this research study was an experimental investigation of a full-scale portion 

of a non-composite slab on steel girder bridge deck.  The laboratory model was similar in member sizes 
and geometry to the bridge decks on the Llano and Goliad truss bridges.  Figure 6.1 shows the laboratory 
model. 

 

Figure 6.1 Laboratory model of single deck segment 

The primary goal of the experimental study was to provide further data on the distribution of 
forces and stresses within the transverse and longitudinal members of the deck system under vertical 
loading.  This data was intended to provide additional insights into the behavior of the floor system and to 
further corroborate the field test data and finite element analysis.  The laboratory model of the floor 
system provided the opportunity to conduct more extensive testing than possible in the field and permitted 
the use of simpler and better defined boundary conditions for comparison with finite element models.  
The laboratory model, like the actual Llano and Goliad bridge decks, was constructed without shear 
connectors for composite action.  An important issue considered in the bridge field tests that is examined 
in greater detailed in the laboratory model is the degree of unintended composite action that can be 
developed in the absence of shear studs.  The laboratory model was also used for further study of the 
distribution of wheel loads to the steel beams and stringers in the deck, as well as contribution of the 
concrete slab to resisting load when acting non-compositely.  Finally, the laboratory bridge deck model 
was used for preliminary evaluation of a potential strengthening scheme for the bridge deck.  

This chapter describes the laboratory bridge deck model, the load testing and results, comparisons 
to finite element analysis, and the implementation and results of the structural retrofit.   

6.2 MODEL DESCRIPTION 
The laboratory model closely resembled the two case study bridge decks.  The intent was not to 

construct an exact replica of either bridge deck, but to capture the fundamental properties of these types of 
deck systems.  Furthermore, since the particular wide flange sections used for the transverse and 
longitudinal members in the actual bridge decks and the rivets used to connect them are now obsolete, 
neither structure could be duplicated exactly in the laboratory.   

The laboratory model represented a single segment of a bridge deck at full-scale. The decision 
was made to construct a full-scale bridge deck model to avoid any potential uncertainties in behavior 
associated with reduced scale testing. The use of a full-scale model, however, precluded testing the model 
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to failure in the laboratory.  Nonetheless, it was possible to load the model with axle loads well in excess 
of an HS20 truck. 

In the laboratory model, the transverse beams were W33x130 sections 27 ft. long, with simple 
supports spaced 26 ft. apart.  Longitudinal stringers were W18x50 sections 19 ft - 10.5 in. long.  The slab 
was 6-1/2 in. thick, and 26 ft. x 21 ft. in plan.  Figure 6.2 shows a section view, and Figure 6.3 shows a 
plan view.   

Girders W 33x130
          L=27'

Bottom of slab 1" below top of flange

27'

25'

26' between supports

Stringers W 18x50
     L=19' 10.5"

54" Angle Details

3/16" E60
Stiffener 5"x1/2"

(Both Sides)

 

Figure 6.2 End view of laboratory model 

25' Slab

26' between supports

20' span

 

Figure 6.3 Plan view of laboratory model 

West side of slab ends at 
center of transverse 

beam 

Slab overhang of 1 
foot on east side 



 95

Note that the east side of the slab overhangs the transverse beam by 1 ft.  (see top of Figure 6.3).  
This was done to approximate the condition of the first deck segment that was field tested in the Llano 
Bridge.  The Llano bridge deck had an identical 1 ft. overhang on the abutment side of the first deck 
segment.  The west side of the slab in the laboratory model ended at the center of the transverse member, 
as did the slabs in both the Llano and Goliad bridges.   

Longitudinal stringers were bolted to transverse beams with double angles (L6x4x3/8). Bolts 
were used for the connections in the laboratory model, as compared to the rivets used in the actual 
bridges. The degree of pretension present in the rivets in the actual bridges is unknown. In the laboratory 
model, the bolts were only snug tightened to simulate the condition of little or no pretension in the rivets.  

The W33x130 transverse beams of the laboratory model were placed on spherical bearing base 
plates to allow end rotation.  The base plate was then placed on a load cell, and then, on leveling plates, as 
shown in Figure 6.4.   

The steel was fabricated off site and erected in the laboratory.  Steel erection is shown in Figure 6.5 
and the finished steel is shown in Figure 6.6 prior to the construction of the reinforced concrete slab.   

 

 

Figure 6.4 Transverse beam placed on (top to bottom) a swivel plate, a load cell, and leveling plates 

 

Figure 6.5 Connecting of longitudinal stringer to transverse beam 
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Figure 6.6 Transverse and longitudinal steel beams in laboratory model 

The longitudinal stringers were coped at the ends to fit around the top flange of the transverse 
beams, and positioned to be 1 in. higher to enable embedment into the slab, similar to the condition found 
in the actual bridges.  Figure 6.7 shows the connection between a stringer and beam.   

 

 

Figure 6.7 Cope detail showing elevated top flange of longitudinal stringer 

Concrete design strength was 2.5 ksi, and both longitudinal and transverse reinforcement used #5 
bars.  28-day cylinder tests showed compressive strength between 2.3 and 2.5 ksi.  Transverse 
reinforcement was not bent into the “crank bar” configuration used in the actual bridge decks (Figure 2.7).  
Instead, reinforcement bars were placed at both top and bottom, at the same spacing (approximately 5 in.).  
Details of transverse reinforcement are shown in Figure 6.8.  Longitudinal reinforcing bars were placed as 
in the Llano Bridge, approximately 13 in, apart, as shown in Figures 6.9 and 6.10.   

Photographs of the reinforcing bar placement and concrete pour are shown in Figures 6.11, 6.12, 
and 6.13.   
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10"
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Straight Portion = 24' 4"
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Figure 6.8 Transverse reinforcement 

 

Figure 6.9 Longitudinal reinforcement 

Top transverse bars on 4-3/4" 
chairs, 4' 6" chair spacing

13-1/2"

13-1/2"
2"

Bottom transverse bars 
on 1" chairs  

Figure 6.10 Reinforcement details 
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Figure 6.11 Reinforcing bar placement in slab 

 

 

Figure 6.12 Concrete pour and finishing 
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Figure 6.13 Slab construction 

Two deep W sections were bolted to four columns anchored to the floor to serve as a loading 
frame.  These large members were positioned longitudinally in the same direction as the longitudinal 
stringers of the deck model, as shown in Figure 6.14.  A smaller W section (labeled A in Figures 6.15 and 
6.16) was placed perpendicular to the deep frame members to support two 200 kip hydraulic actuators 
spaced 6.5 feet apart transversely.   

 

 

Figure 6.14 Specimen and loading frame 

Longitudinal direction 
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4'4'  
Figure 6.15 Plan view of specimen, loading frame, and surrounding tie down bolt groups 

The smaller transverse member on the loading frame was placed on rollers to allow the actuators 
to travel longitudinally along the frame and hence load at any desired longitudinal position (Figures 6.16 
and 6.17). To approximate the double axle configuration (4 rear wheels) of the load truck tandem, two 
structural tubes were used to spread the load to four rubber pads.  The rubber pads, which are shown in 
Figure 6.18, were 9 in. wide by 12 in. long and 3 in. thick and were spaced 4 ft. apart longitudinally.   

 

Figure 6.16 Attachment of actuators to load frame 

A 

A 
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Figure 6.17 Roller attachment of actuators to load frame 

 

 

Figure 6.18 Approximation of tandem axle with structural tubing and rubber pads 

6.3 INSTRUMENTATION 
Because of the ease of access to the members and a larger capacity data acquisition system, the model 

could be instrumented to a much larger degree than possible in the field tests.  Strain gages were placed on the 
inside face of both the top and bottom flanges.  Typically, flanges were gaged on both sides of the web for a 
total of four gages per location.  Some of the longitudinal stringers were gaged at the quarter points and 
midspan, and the transverse beams were gaged at the midpoint between longitudinal member attachments.  
Figure 6.19 shows the gage layout.  Additionally, vertical deflections were measured at the midpoint of each 
member and vertical reactions were measured at the four supports of the laboratory model (Figure 6.4). 
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Figure 6.19 Member cross-section locations provided with strain gages 

6.3.1 Testing Procedures 
East and west transverse beams, and longitudinal stringers S1, S2, and S3 were loaded.  Because 

of symmetry, members S4, S5, and S6 were not directly loaded.   

Longitudinal members were loaded with the double axle configuration shown in Figure 6.18.  The 
load of each of the two actuators was split into two loads, 4 ft. apart so as to approximate a tandem axle 
loading.  This produced four equal point loads on the structure.  To reproduce the loading in the field tests 
and in the finite element analysis, each stringer was loaded with one actuator directly on top of the 
member, and the second 6.5 ft. towards the center of the deck.  Longitudinal stringers were tested with 
actuators positioned at midspan and quarter-span points.  Figure 6.20 shows the positioning for centerline 
loading of the second longitudinal stringer. Transverse beams were loaded with the actuators located as 
shown in Figure 6.21. 

Each of the loaded members (S1, S2, S3, and both the east and west transverse beams) were 
loaded with hydraulic actuators.  The gages were zeroed under dead load only and then loaded in 
approximately 20 kip increments up to loads ranging between 60 and 100 kips.  The deck was then 
unloaded in one step, and then reloaded in 20 kip increments again.  The loading was manually 
controlled; hence it was not possible to load the structure with exactly the same load each test.  Each 
member was tested twice in this manner. 
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Figure 6.20 Load position for centerline testing of stringer S2 

 

C . L

6 .5 ' 
 

Figure 6.21 Load position for testing of transverse beam 

S2 
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Prior to testing, a finite element model of the laboratory specimen was developed to evaluate the 
expected response of the specimen. The following section describes the finite element model. This is 
followed by a description of the test results, and comparison with the predictions of the finite element 
model.   

6.4 FINITE ELEMENT ANALYSIS OF LABORATORY MODEL 

6.4.1 Model Definition 
The finite element model used in analysis of the laboratory model was very similar to previous 

models used for analysis of the Goliad and Llano bridge decks.  SAP2000 was again employed as the 
analysis software.  Standard two node beam elements were used for the steel members, and four node 
isotropic shell elements were used to represent the slab.  Only a single deck segment was modeled on 
SAP2000, since only a single deck segment was represented in the laboratory model.  Figure 6.22 shows 
the finite element model.   

 
Figure 6.22 Finite element model used for analyzing the laboratory specimen 

Load cases were constructed to approximate the loading used in the laboratory testing.  A single 
tandem axle was represented with four nodal point loads, and placed on the center of both longitudinal 
and transverse members.  Nodal loads were spaced 6.5 ft. apart transversely and 4 ft. apart longitudinally.  
Because of symmetry, only three of the longitudinal members were loaded in the finite element model as 
well as in the actual laboratory tests.  Figures 6.23 and 6.24 show typical load positions for transverse 
beams and longitudinal stringers.   

1’ slab overhang 

Longitudinal 

direction 
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Figure 6.23 Point load position for west transverse beam loading 

 
Figure 6.24 Point load position for longitudinal stringer S2 loading 

6.4.2  Finite Element Analysis Results 
Bending moments and stresses were computed using both conventional AASHTO load rating 

calculations and using the finite element model.  The magnitude of the loading used for the analysis 
corresponds to a rear axle of an HS20 load vehicle (32 kips).  Bending moments predicted by the finite 
element analysis are listed in Table 6.1. This table includes the maximum moment in each member, the 
total moment on the entire section, the percent of the total moment carried by the member, the percent of 
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the total moment carried by the slab, and the distribution factor for each member.  The distribution factor 
was calculated by dividing the moment in the member by the sum of the moments in the members at a 
cross section, as described in Section 4.6.2.   

Table 6.1 Finite element analysis results for laboratory model 

Member 
Member 
moment 
(kip-ft)   

Total 
moment 
(kip-ft) 

Member % 
of MTOT 

Slab % 
of MTOT 

Distribution 
Factor 

S1 47.7 128.0 37.3% 10.9% 0.23 
S2 30.1 128.0 23.5% 12.1% 0.18 
S3 29.1 128.0 22.7% 12.3% 0.26 

East beam 126.7 156.0 81.2% 4.9% 0.90 
West beam 126.4 156.0 81.0% 4.6% 0.90 

 

Table 6.2 gives results of the AASHTO and finite element calculations in terms of stresses. The 
AASHTO calculations for the stringers used the standard AASHTO specified distribution factor of s/5.5. 
The AASHTO calculations assumed no load distribution for the transverse beams, and no load carrying 
contribution of the slab. 

The results in Table 6.2 show a 30 percent to almost 60 percent lower stress for longitudinal 
stringers when using finite element analysis as opposed to AASHTO calculations.  The differences in 
transverse beam results are not as large, but still approximately 20 percent.   

Table 6.2 Comparisons of stress results for finite element and AASHTO calculations 

Member FEA  
(ksi)  

AASHTO
(ksi) 

Ratio –
FEA/AASHTO  

S1 6.4 8.9 72 % 
S2 4.1 8.9 46 % 
S3 3.9 8.9 44 % 

East beam 3.7 4.6 80 % 
West beam 3.7 4.6 80 % 

 

Despite the different size and length of members in the Llano deck and in the laboratory model, 
the comparison between finite element analysis and AASHTO calculations for the two cases are quite 
consistent.  Although the percentage of total moment carried by an individual longitudinal stringer 
compared well in the two cases (approximately 20 to 30 percent), the portion of the moment carried by 
the slab was on the order of 10 percent less in the finite element analysis of the laboratory model.  The 
ratio between the finite element predicted stresses and the AASHTO predicted stresses was also fairly 
consistent for the longitudinal stringers, approximately 70 percent for the first stringer, and from 40 to 60 
percent for the second and third stringers.   

Analysis results for transverse beams were also consistent between the Llano bridge deck and the 
laboratory model.  The beams carried over 80 percent of the total moment, and the slab in both models 
carried less than 10-percent of the total moment.  The ratio of finite element predicted stresses to 
AASHTO predicted stresses was in the range of 80 percent for both cases as well.   
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In summary, the trends seen in comparing stress predictions of finite element analysis with 
conventional AASHTO calculations are very similar between the Llano bridge deck and the laboratory 
model. For a given loading, the finite element analysis predicts substantially lower stresses in the beams 
and stringers than AASHTO calculations, with the largest differences occurring in the stringers. The same 
trends were also seen in the finite element analysis of the Goliad bridge deck. 

6.5 LABORATORY TEST RESULTS 

6.5.1 General 
This section presents results of loading tests conducted on the laboratory model. Results for 

longitudinal stringers are presented in Section 6.5.2, and results for transverse beams in Section 6.5.3. 
This is followed by a comparison between laboratory test results and finite element analysis. A large 
amount of data was collected in the laboratory tests. The following sections do not present all the data, but 
rather present typical results. 

6.5.2 Test results for Longitudinal Stringers 
Loading cases for the stringers in the laboratory model were described in Section 6.3.1. Data from strain 
gages was collected for the tests, and the results were converted to stress.  Midspan deflection for all 
members was recorded as well.  Typical results are shown in Figures 6.25 to 6.40.  For presentation 
purposes, both tensile and compressive stresses are shown as positive values.  All load cases produced 
positive bending moment, hence all bottom flange stresses are tensile, and all top flange stresses are 
compressive.  Data showed a near linear response in both stress and deflection as can be seen in Figures 
6.25 and 6.26, although a minor degree of nonlinearity can be observed in these plots. To further examine 
this nonlinearity, Figure 6.27 shows a plot of load versus the ratio of maximum flange stress to load.  For 
linear behavior this ratio should be constant.  The plot, however, shows a small increase in stress to load 
ratio as load increases.  The source of this minor nonlinearity is not likely related to yielding in the 
stringers. Maximum flange stresses are only on the order of 15 ksi (Figure 6.25). Further, if yielding were 
occurring, the ratio of stress to load would be deceasing at higher loads, rather than increasing, as 
indicated by the data in Figure 6.27. Minor non-linear response can also be seen in the plot of load versus 
the ratio of midspan deflection to load in Figure 6.28. This figure shows that the ratio of deflection to load 
increases slightly as load increases. This indicates that the stringers are becoming more flexible, i.e., their 
stiffness is reducing at higher load levels. However, as noted above, this small reduction in stiffness does 
not appear to be due to yielding.  



 108

0

20

40

60

80

100

0 5 10 15 20

Stress (ksi)

T
ot

al
 L

oa
d 

(k
ip

s)
Bottom Flange
Top Flange

 

Figure 6.25 Stringer S1: load vs. midspan stress 
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Figure 6.26 Stringer S3: load vs. midspan deflection 
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Figure 6.27 Stringer S3: load vs. stress to load ratio 
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Figure 6.28 Stringer S3: load versus deflection to load ratio 

Data from the field tests at Llano and Goliad typically showed the presence of unintended 
composite action for the stringers. Similar to Llano and Goliad, the stringers of the test specimen also 
exhibited unintended composite action. The presence of unintended composite behavior for the stringers 
can be seen in Figures 6.29 and 6.30.  Figure 6.29 shows that for any given load, the stress is lower in the 
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top flange than in the bottom flange for stringer S3. The same phenomenon is also apparent in Figure 6.25 
for stringer S1.  This same pattern was evident in all instrumented stringers in the test specimen.  Figure 
6.30 shows the elevation of the neutral axis as load increases for stringer S2. For all load levels, the 
neutral axis is above mid-depth of the section, indicating the presence of composite action. However, with 
increasing load, the neutral axis moves closer to mid-depth, suggesting a reduction in the degree of 
composite action with higher loads.  This reduction in composite action can account for the nonlinearity 
in the load-stress and load-deflection plots described earlier. As the degree of composite action is 
reduced, the magnitude of of the maximum flange stress for a given load as well as the deflection for a 
given load would increase. Reduction in composite action is therefore likely responsible for the trends 
seen earlier in Figures 6.27 and 6.28, which showed an increase in the stress to load ratio and an increase 
in the deflection to load ratio as load on the stringer increased. 
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Figure 6.29 Stringer S3: load vs. midspan stress  
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Figure 6.30 Stringer S2: load vs. neutral axis location 

Tests were normally each run twice, as described in Section 6.3.1, to evaluate repeatability in the 
results. Test results were typically very consistent between tests, as indicated by the load versus deflection 
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and load versus stress plots in Figures 6.31 and 6.32.  Results from flange gages on opposite sides of the 
web were very consistent as well, as can be seen in Figures 6.33 and 6.34.   

0

20

40

60

80

100

0.0 0.1 0.2 0.3 0.4

Midspan Deflection (in)

T
ot

al
 L

oa
d 

(k
ip

s)

Test 1
Test 2

 

Figure 6.31 Stringer S3: load vs. midspan deflection for tests one and two 
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Figure 6.32 Stringer S3: load vs. bottom flange stress for tests one and two 
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Figure 6.33 Stringer S2: load vs. north and south side top flange stresses 
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Figure 6.34 Stringer S3: load vs. north and south side bottom flange stresses 

Plots of load versus stress for stringers S1 to S3, are shown together in Figure 6.35.  The second 
and third stringers had similar maximum stresses for a given load, while the first stringer (S1) had 
approximately a 50% higher stress response for similar loads.  Recall S1 is the member closest to the edge 
of the slab and likely benefited less from slab contribution due to the smaller effective width of the slab, 
as well as having only one adjacent longitudinal member to distribute load to.   
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Figure 6.35 Stringers S1 to S3: load vs. stress 

Figures 6.36 to 6.38 show the relationship between load and flange stress at the quarter point 
locations along the length of stringer S3. The same trends are exhibited by the quarter point stresses as for 
the mid-span stresses.  The response between load and stress was mostly linear. However, as with the 
midspan results, there is a slight increase in stress per unit load as load increases.  The quarter point 
locations along the stringers also exhibited some unintended composite action. This is apparent in 
Figure 6.38, which shows a higher bottom flange stress than top flange stress.   
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Figure 6.36 Stringer S3: load vs. quarter point top flange stress 
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Figure 6.37 Stringer S3: load vs. quarter point bottom flange stress 
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Figure 6.38 Stringer S3: load vs. top and bottom quarter point flange stresses 

 To examine the degree of composite action present in the stringers, Figures 6.39 and 6.40 show 
plots of the ratio of bottom flange stress to top flange stress versus load.  
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Figure 6.39 Stringers S1 to S3: load vs. bottom to top flange stress ratio 
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Figure 6.40 Stringer S3: load vs. midspan and quarter point bottom to top flange stress ratios 

Figure 6.39 shows results for the midspan stresses of stringers S1 through S3.  Figure 6.40 shows 
a comparison between the stress ratios for the east quarter point and midspan in S3.  Both figures show a 
decrease in the ratio of bottom to top flange stress with increasing load, indicating a reduction in 
composite action with increasing load.   
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In a manner similar to Figure 4.22, Figure 6.41 provides an indication of the degree of composite 
action present in the stringers at maximum load by showing the stress profile over the cross section for the 
average experimental results compared to both a fully composite stress distribution as well as a non-
composite stress distribution.   

Non-Composite

Fully Composite

Average Experiment
Results

 

Figure 6.41 Stress profile over section depth 

The plot shows the stress distribution over the depth for each case of degree of composite action with a 
unit bottom stress.  As in the field tests, the degree of composite action exhibited by the stringers in the 
test specimens is relatively small compared to the fully composite case. 

6.5.3 Test results for transverse beams 
Strain and midspan deflection data were recorded for both the east and west transverse beams 

under centerline loading, as illustrated in Figure 6.21.  As with the longitudinal stringers, each test was 
run twice.  Typical results are shown in Figures 6.42 through 6.49.   

 

0
10
20
30
40
50
60
70
80

0.00 0.05 0.10 0.15 0.20

Deflection (in)

T
ot

al
 L

oa
d 

(k
ip

s)

Midspan
Deflection

 

Figure 6.42 East beam: load vs. deflection 
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Figure 6.43 East beam: load vs. bottom flange stress 

Figures 6.42 and 6.43 illustrate plots of load versus deflection and load versus bottom flange 
stress for the east beam. Both plots show a very linear response, more so than observed in the response of 
the stringers (Figures 6.25 and 6.26). Figure 6.44 shows load versus the ratio of deflection to load. This 
plot shows that the ratio of deflection to load remains reasonably constant with increasing load, as 
compared to stringers, which showed an increase in the deflection to load ratio with increasing load. 
Figure 6.45 shows the midspan deflections of both the east and west beams.  This plot shows a linear 
response for both beams, with slightly higher deflections in the west beam for the same load.  Recall that 
the east beam has a one-foot overhang of the slab. This overhang may have contributed to the stiffness of 
the cross section, and therefore reduced the deflections of the east beam.  Figure 6.46 shows a similar 
higher response for stress in the west beam.   
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Figure 6.44 East and west beams: load vs. deflection to load ratio 
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Figure 6.45 East and west beams: load vs. deflection 
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Figure 6.46 East and west beams:  load vs. midspan stress 

Figure 6.47 shows the load-stress plot for the top and bottom flanges of the west beam.  The 
similar results between the two flanges indicate a nearly symmetrical stress distribution and therefore 
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little unintended composite behavior.  This is reflected in Figure 6.48 as well, which shows the neutral 
axis location for increasing loads.  Similar results are shown for the east beam in Figure 6.49.  
Consequently, compared to the stringers, the transverse beams showed little unintended composite action. 
Similar observations were made from the field test data at Llano and Goliad. 
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Figure 6.47 West beam: load vs. top and bottom flange stress 
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Figure 6.48 West beam: load vs. neutral axis 
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Figure 6.49 East beam: load vs. neutral axis location 

6.5.4 Comparison of Experimental Results and Finite Element Analysis 
As described in Section 6.4, a finite element model was used to analyze the test specimen under 

the laboratory imposed loads.  Typical results of the finite element analysis are shown in Figure 6.50. 
This figure shows load versus midspan stress predicted by the finite element analysis for the stringers. 
These predictions follow the same general trends as exhibited by the laboratory test data. For a given load 
level, stringers S2 and S3 have similar stress levels, while stringer S1 exhibits approximately 50% higher 
stresses for the same loads.  Figure 6.51 shows load versus deflection plots for the east and west beams 
predicted by the finite element analysis.  Unlike the laboratory test data, the finite element analysis shows 
very little difference in response between the east and west beams.  Experimental results (Figure 6.45) 
show approximately a 16% higher deflection in the west transverse beam as compared to the east 
transverse beam.  The finite element analysis shows less than a 1% difference between the two beams.  
Experimental data for stress (Figure 6.46) showed a similar 16% higher stress in the west beam compared 
to the east beam.  Again, the finite element analysis showed less than a 1% difference.   
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Figure 6.50 Finite element analysis prediction for  load vs. midspan stress for stringers 
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Figure 6.51 Finite element analysis prediction for load vs. deflection for transverse beams 

Direct comparisons between predictions of the finite element analysis and the experimental data 
for the stringers are shown in Figures 6.52 through 6.57. Comparisons are provided both for deflection of 
the member and for maximum flange stress in the member.  For stringers S1 and S2, the deflections 
predicted by the analysis are very close to and slightly larger than the measured values. Stresses predicted 
by the analysis are higher than the measured values. This is the same trend that was seen in both the Llano 
and Goliad field load tests, where stress predictions of the finite element analysis were somewhat higher 
than field measured values. 
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Figure 6.52 Comparison between FEA and experimental data for deflection of stringer S1 
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Figure 6.53 Comparison between FEA and experimental data for stress in stringer S1 
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Figure 6.54 Comparison between FEA and experimental data for deflection of stringer S2 
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Figure 6.55 Comparison between FEA and experimental data for stress in stringer S2 

Of interest to note is that the difference between the analysis and experimental data for 
deflections of S1 and S2 is smaller than the difference between analysis and experimental data for 
stresses.  For stringer S1, finite element analysis over predicted displacement by 6%, and over predicted 
stress by 28%.  For stringer S2, finite element analysis over predicted displacement by 15% and over 
predicted stress by 34%.  Recall that the finite element model does not include composite action between 
the steel and concrete, whereas the experimental data for the stringers exhibited some influence of 
composite action.  The absence of composite action in the finite element model likely accounts, at least in 
part, to the over prediction of both deflection and stress by the model.   
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Figure 6.56 Comparison between FEA and experimental data for deflection of stringer S3 
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Figure 6.57 Comparison between FEA and experimental data for stress in stringer S3 

The difference between the finite element analysis and experimental results was somewhat 
smaller for S3.  Figure 6.56 shows that the analysis predicts deflections within approximately 2% of the 
measured values.  Stresses in stringer S3 from the finite element analysis exceed the measured values by 
approximately 13%. 

A distribution factor for stringer S3 was calculated from the laboratory test data, in a manner 
similar to that described in Section 4.6.2 for the Llano field test data.  The distribution factor for S3 was 
computed as the maximum stress in S3 divided by the sum of the maximum stresses in all the stringers, 
for the load case producing maximum stress in S3.  Table 6.3 compares the distribution factor from the 
experimental data with that based on the finite element analysis and based on AASHTO load rating 
procedures. The same comparison is shown for the distribution factor for stringer S3 in the Llano field 
test. The distribution factors based on measured stresses are quite similar between the laboratory bridge 
deck model and the actual Llano bridge deck. Further, both for the laboratory model and for the Llano 
bridge deck, the finite element analysis predicts the measured distribution factors significantly more 
accurately than standard AASHTO distribution factors. 

Table 6.3 Distribution factor comparison for stringer S3 

 DF  
(AASHTO) 

DF 
(FEA) 

DF (Experimental) 

Laboratory 0.41 0.29 0.28 
Llano field test 0.41 0.26 0.31 

 

Figures 6.58 through 6.61 show the comparisons between finite element analysis and 
experimental data for the transverse beams. The finite element analysis predicted deflections that were 
close to but somewhat smaller than the measured values, and predicted stresses that were close to but 
somewhat larger than the measured values.  Both for the longitudinal stringers and for the transverse 
beams, an important observation is that the finite element model predicts stresses that are close to but 
somewhat larger than the measured values. The same observation holds for the Llano and Goliad field 
tests. Since stresses are the key response quantity for load rating (as opposed to deflections), this suggest 
that load ratings based on finite element analysis will provide a conservative result.  
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Figure 6.58 Comparisons between FEA and experimental data for deflection of west beam 
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Figure 6.59 Comparison between FEA and experimental data for stress in west beam 
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Figure 6.60 Comparison between FEA and experimental data for deflection of east beam 
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Figure 6.61 Comparison between FEA and experimental data for stress in east beam 

6.5.5 Comparisons to Goliad Field Test Results 
A clear trend seen in the Llano and Goliad field tests is that the measured stresses were lower 

than predicted either by AASHTO calculations or by finite element analysis. Further, the stresses 
predicted by the finite element analysis were significantly closer to the measured values than AASHTO 
calculations. These same trends were also clear in the laboratory testing.  The laboratory deck model had 
simple well defined boundary conditions, as opposed to the actual bridge decks, where the deck support 
and boundary conditions were more complex. Comparisons between the lab and field results were 
examined to reaffirm that factors such as railings, curbs, end restraint, and other unidentified sources of 
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strength not present in the laboratory model did not play a significant role in the field response.  If the 
field and laboratory responses were comparable, then it could be more reasonably concluded that the 
increased strength was due to slab contribution and load distribution effects, not the other factors noted 
above.   

Since the members were not identical, an exact comparison between the laboratory and field test 
results is not possible.  However, the spans in the Goliad bridge and laboratory model were equal, and the 
loading conditions in the laboratory were closer to the Goliad than the Llano field test.  Hence the Goliad 
test is used in the comparison to the laboratory work. The Goliad field test results were compared to the 
laboratory results in only a general way, since the difference in parameters involved precluded any exact, 
definitive comparisons.   

Comparisons are made between centerline (tandem centered transversely) loading cases.  Since 
the laboratory model’s transverse loading had the rear most axle of the tandem over the member 
(Figure 6.21), the same tandem position was used for comparing results in the field test.  Given that the 
maximum response in the field test was due to the rear tandem straddling the transverse member, the 
response used in the comparisons was lower than the maximum response.  In other words, for 
comparison, the response used was when the truck was 2 ft. further longitudinally than for the maximum 
response.  These positions are shown in Figure 6.62. 

 

Tandem straddle of transverse member

Loading position 2' offset longitudinally  

Figure 6.62 Loading position for maximum response (top) and loading position used for 
comparison with laboratory loading (bottom) 

Since the members in the field differed slightly from the laboratory members, the stresses in the 

laboratory work were simply scaled up by a ratio of the individual member’s section modulus xlab

x field

S
S

 
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as shown in Table 6.4.  Table 6.5 gives a general comparison between the laboratory and Goliad field 
results for specific tests.   

Tandem straddle of transverse member 

Loading position 2’ offset longitudinally 
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Table 6.4 Comparison of member properties 

Member section modulus (in3) 
 Transverse Longitudinal 

Laboratory model 406 88.9 
Goliad bridge 385 82.3 

Ratio (lab/field) 1.05 1.08 
 

Table 6.5 Stress comparisons between field and lab test results  

Laboratory Field 
Longitudinal Stringer Longitudinal Stringer 

Load (k) 

Top 
Flange 
Stress 
(ksi) 

Bottom 
Flange 
Stress 
(ksi) 

Load (k) 

Top 
Flange 
Stress 
(ksi) 

Bottom 
Flange 
Stress 
(ksi) 

28.2 -2.0  3.7 28.6 -1.7 2.7 
59.8 -5.4 7.9 57.3 -4.5 5.9 

Transverse Beam Transverse Beam 

Load (k) 

Top 
Flange 
Stress 
(ksi) 

Bottom 
Flange 
Stress 
(ksi) 

Load (k) 

Top 
Flange 
Stress 
(ksi) 

Bottom 
Flange 
Stress 
(ksi) 

28.0 -3.1 3.1 28.6 -2.8 2.8 
57.9 -6.0 6.3 57.3 -6.1 6.3 

 

The data in Table 6.5 show a reasonably close correlation for the transverse beam, and a lesser 
degree of correlation for the longitudinal stringer.  Longitudinal stringers are more difficult to compare 
directly because of the differing degrees of composite action present between the laboratory model and 
the Goliad bridge deck.  However, the results are generally within 10% to 35% for the longitudinal 
stringers, and within 10% for transverse beams.  In each case, the laboratory results showed higher 
stresses.   

Possible reasons for the differences between the laboratory tests and the Goliad field tests 
include: 

1. The laboratory model slab was more heavily reinforced, using both top and bottom 
reinforcing bars instead of single bent bars. 

2. Laboratory longitudinal member end connections were not tightened, and a small end 
restraint may have been present in the field.  

3. Concrete strength in the field was unknown, the compressive strength estimated based on 
AASHTO guidelines.   

4. Although the loading in the laboratory used an approximation of a tandem axle, the actual 
load vehicles contact area was larger, and had 8 contact points instead of four.  This would 
spread the loading further in the field than in the model.   
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5. Exact truck location during the test is based on a constant vehicle speed, and judgment of 
participants in the field tests.  Very precise transverse and longitudinal location was not 
possible.  The controlled environment of the laboratory made load location more accurate.   

6.6  RETROFIT OF LABORATORY MODEL 

6.6.1 Retrofit Scheme 
The results of the various tests and analyses conducted for the Llano and Goliad bridge decks as 

well as for the laboratory model consistently show that the load rating of the bridge decks can be 
increased through the use of improved structural analysis, specifically by finite element analysis, or by 
field load testing. In some cases, however, this improved load rating may still fall short of the desired load 
rating. For such cases, some degree of strengthening may be needed for selected bridge deck members. 
Consequently, as the final step in this investigation, a simple strengthening measure was examined using 
the laboratory bridge deck model. The trial method selected for strengthening was the addition of shear 
connectors between the steel beams and concrete floor slab. As described earlier, the existing decks in the 
Llano and Goliad bridges have no shear connectors, and similarly the laboratory model was constructed 
without shear connectors. As the field and laboratory test data show, a small degree of composite action is 
developed in these bridge decks, likely due to friction between the top of the steel beams and the bottom 
of the concrete slab. However, both the field test and experimental data suggests that this unintended 
composite action may be reduced due to slip at higher load levels, and therefore does not appear to 
provide a reliable or predictable source of additional strength. The addition of shear connectors was 
therefore investigated as a means to add a reliable and predictable degree of composite action to the 
bridge deck.  The addition of shear connectors was also considered an attractive option for strengthening 
a historic steel truss bridge due to the rather minimal visual impact on the bridge. 

The stiffness and strength of a composite system is far greater than a non-composite system.  For 
full composite action in the laboratory model, the longitudinal stringers would have an increase in 
moment of inertia of 2.76 times the moment of inertia of the bare steel alone (2,210 in4 versus 800 in4).  
The transverse beams would have an increase of 2.27 times the moment of inertia of the bare steel alone 
(15,256 in4 versus 6,710 in4).  Analysis of both the Llano and Goliad bridge deck members indicated that 
the transverse beams were the controlling members in the load rating.  Consequently, strengthening 
measures were examined for the transverse beams in the laboratory model.   

Many schemes were considered for post-installing shear connectors between the transverse steel 
beams and the concrete slab. A key issue in the choice of strengthening technique was constructabilty. A 
scheme was developed that permitted the installation of shear connectors from underneath the slab, so as 
to avoid any disruption to traffic on the bridge. The strengthening scheme that was ultimately chosen is 
shown in Figures 6.63 through 6.70.   

Threaded studs with a diameter of 3/4-inch were welded to the inside top flange at the end of the 
transverse beams, between the connections of the two outermost longitudinal members, as shown in 
Figures 6.63 and 6.64.  A 1/2 inch thick steel plate with holes drilled corresponding to the location of the 
welded threaded studs was then bolted to the flange, with approximately 6 inches of the plate protruding 
beyond the edge of the flange.  To accommodate the weld metal at the base of the threaded stud and any 
slight misalignment in placing the studs, the holes in the plates were 1-1/4 inch in diameter.  Since the 
plate was bolted to the bottom side of the top flange, and the slab rested on the topside of the top flange, 
the corresponding gap (equal to the thickness of the top flange, 0.855 inches) between the plate and slab 
was filled with grout, as shown in Figure 6.65.   
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Figure 6.63 Threaded studs welded to the inside top flange of the transverse beam 

 

 

Figure 6.64 Close up view of the threaded stud 
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Figure 6.65 Plate attached to underside of beam top flange with threaded studs, and grouted 

Holes that were 7/8 inch in diameter were drilled upward through the existing holes in the plate 
into the slab.  Threaded rods were then placed in these holes, fastened with epoxy, and then tightened to 
the plate with nuts, as shown in Figures 6.66 through 6.68.   

 

 

Figure 6.66 Holes drilled up through the plate into the slab 

Grout 
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Figure 6.67 Threaded rod installed in slab with epoxy 

 

 

 

 

Figure 6.68 Threaded rods bolted to plate 
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3/4" x 10" threaded rod

3/4" x 2-3/8" stud
1/2" PL

 

Figure 6.69 Section view of retrofit scheme 

 

 

Figure 6.70 Plan view of retrofit scheme 

6.6.2  Strengthening Details  
The threaded studs welded to the top flange are essentially shear studs without heads that have 

threads cut into them.  The specified minimum yield stress for the threaded studs was 55 ksi.  The steel 
plate used was 1/2 inch thick and had a specified minimum yield stress of 50 ksi.  Dimensions and hole 
placements are shown in Figure 6.71.   

2" (typ)

3" (typ)

6.5"

6"

1-1/4" dia.

Pl 42 x 10.5 x 1/2"

 
Figure 6.71 Retrofit plate specifications 
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The threaded rods inserted into the concrete, the epoxy, and the grout were all Hilti Corporation 
products. (Hilti, 2001)  The rods (3/4"x10") are designated as “HAS Super Rods” and have material 
specifications (ASTM 193) similar to A325 bolts.  Yield strength is specified to be 105 ksi and ultimate 
strength is 125 ksi.  The size and number of shear connectors was designed to provide approximately 15% 
of the full composite capacity.  This amount of composite action would provide enough capacity to load 
rate the transverse beams above HS20.   

The grout used to fill the space between the plate and the slab is Hilti product “CG 200 PC” 
cementitious grout with a 28-day compressive strength between 8.5 and 11 ksi.  This grout had the best 
combination of quick set up time (less than three hours), strength, and non shrink characteristics.  “HSE 
2421” high strength epoxy was used to anchor the treaded rods into the slab.  The epoxy had a specified 
bond strength of 2 ksi, a specified compressive modulus of 290 ksi, and a specified tensile strength of 
7.08 ksi.  The epoxy was also used to fill the gap between the threaded studs and the holes drilled in the 
plate.  As previously mentioned, oversized holes were necessary to fit the plates over the threaded studs.  
These particular epoxy and grout products were recommended by the manufacturer’s technical staff.   

Threaded rods were tightened to the maximum torque permitted by Hilti specifications, 180 foot-
pounds.  This was estimated to provide approximately 5 kips of tension in each threaded rod   

6.6.3 Test Results 
Loading was applied to the strengthened laboratory model in an identical manner as was earlier 

applied for the base model. Stresses and deflections were then compared before and after strengthening. 
Interestingly, test results did not show any increase in stiffness or reduced stress in the strengthened 
model as compared to the original unstrengthened model.  The results were essentially identical for the 
retrofitted and unretrofitted deck.  Figure 6.72 compares the retrofitted and unretrofitted data for stress, 
and Figure 6.73 compares the midspan deflections.  Both plots show nearly identical response for the 
retrofitted and the unretrofitted model for both stress and deflection.  Although the retrofit was intended 
to provide only partial composite action, before strengthening and after strengthening tests gave nearly 
identical results.   
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Figure 6.72 Load vs. stress for retrofitted and unretrofitted beam 
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Figure 6.73 Load vs. deflection for retrofitted and unretrofitted beam 

 

The intent of the retrofit was to prevent the relative end slip between the concrete and steel 
sections.  Figure 6.74 shows the data for the end slip in the retrofitted and unretrofitted models.  Although 
there is some scatter of data, again, the retrofit shows little difference in response as compared to the 
unretrofitted model.   
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Figure 6.74 End slip of retrofitted and unretrofitted beam 

Because of the absence of any change in response, it is believed that the threaded rods simply did 
not engage the steel and slab to transfer shear.  Oversized holes were used in the plate around both the 
welded studs and the threaded rods in order to facilitate fit-up.  The welded rods were 3/4 inch diameter, 
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and the plate holes were 1-1/4 inch in diameter.  The gap around the welded rod is shown in Figure 6.75.  
These gaps were filled with epoxy, as shown in Figure 6.76.  However, since the gaps were subsequently 
covered with washers and nuts (Figure 6.77), it was not possible to visually inspect to see if the gaps were 
fully filled with epoxy.  The grout and epoxy were damaged during disassembly, and therefore it was not 
possible to verify after testing whether the gaps were filled.   

 

 

Figure 6.75 Gap around threaded stud 

 

 

Figure 6.76 Gap filled with HSE 2421 epoxy 
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Figure 6.77 Washer covering epoxy filling 

The epoxy was inserted overhead, and in some cases difficult to keep in place.  The epoxy had a 
modulus that was 1/100 of steel.  Hence, even if the gaps were filled completely, the compressive 
stiffness of the epoxy was much lower than that of steel.  This lower stiffness would allow a greater 
relative movement between the rod and the plate as compared to the condition if the rods were bearing 
against the steel plate directly.  Additionally, any shrinkage of the epoxy would likely contribute to 
reduced effectiveness in shear transfer.   

Since the hole drilled up into the concrete slab was larger than the diameter of the inserted rod, 
there was also a gap between the threaded rod and the slab.  This gap was much smaller however, as the 
drilled hole in the slab was only 1/8 inch larger than the threaded rod.   

An additional problem may have been the space between the plate and slab that was filled by the 
cementitious grout.  As with the epoxy, the grout was installed overhead, which proved to be somewhat 
difficult.  The grout was not viscous enough to be simply plastered on the underside of the slab.  Instead, 
the plate was loosely attached to the flange, and the grout was pushed into the space between the slab and 
the plate.  It was not possible to inspect whether or not the entire space was completely filled.  Also, if 
any shrinkage occurred, it would leave a gap between either the grout and the plate, or the grout and the 
slab.  It is believed that the combination of gaps prevented engagement of composite action.   

Although test results showed no decrease in measured deflections or stresses in the strengthened 
laboratory model under essentially elastic level loading, the effectiveness of the strengthening measures 
for increasing the ultimate strength of the bridge deck system could not be determined.  Since the use of a 
full-scale laboratory model precluded loading the model to failure, the behavior of the retrofit scheme at 
very high load levels could not be examined.  At higher load levels, the shear connectors would likely 
become engaged and contribute to the ultimate strength of the system.  Again, however, this could not be 
confirmed from this test series.  However, it is clear from the tests that the retrofit scheme was not 
effective in reducing stresses in the steel beams at the load levels used in these tests. Recall that the test 
loads were well above HS20, but still within the elastic range for this bridge deck system.  

This attempt to retrofit the laboratory model of the bridge deck system was done at the end of this 
research project to provide a first look at the feasibility of strengthening existing non-composite decks by 
adding shear connectors.  This was done at the end of this project simply due to the availability of the 
laboratory model.  However, developing new strengthening techniques was not the primary objective of 
this research project, and so further attempts to strengthen the bridge deck model were not pursued as part 
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of this project.  Nonetheless, strengthening the decks of historic truss bridges by the addition of shear 
connectors may still represent a useful technique for improving the load rating of the deck system.  
However, considerable additional work is needed to identify techniques for installing shear connectors 
that are effective and economical. 

6.7 SUMMARY 
A laboratory investigation was performed on a full-scale segment of a slab on steel girder bridge 

deck.  The geometry and member sizes of the laboratory specimen closely matched the Llano and Goliad 
case study bridge decks.  The deck was loaded in various positions and with varying loads.  The model 
was then retrofitted in the attempt to create a partially composite system.  Important results and 
observations are as follows. 

• The stresses measured in the transverse beams and longitudinal stringers of the laboratory 
bridge deck model were significantly less than the stresses predicted using calculation 
methods typically used for AASHTO load rating.  Simple finite element modeling of the 
laboratory bridge deck model predicted stresses much closer to the measured values. 
However, the stresses predicted by the finite element model were still somewhat higher than 
the measured values. Consequently, a simple finite element analysis of the bridge deck can 
provide a significantly improved prediction of stresses as compared to conventional 
AASHTO based calculations, while still providing overall conservative results. 

• As in the field tests, some composite action was found in the longitudinal stringers of the 
laboratory model, but not the transverse beams.  The degree of this unintended composite 
action was higher than what was found in the field, but still relatively small.   

• After adjusting the laboratory results for differences in member sizes, the results from the 
Goliad field tests and the laboratory tests generally agreed well.   

• The strengthening scheme used on the laboratory model was not effective in increasing 
stiffness or reducing stresses at the load levels used in the laboratory testing. It is believed 
that the installation procedure did not sufficiently affix the slab to the girders because of 
unintended gaps between the plates, rods, and the slab and the low compressive modulus of 
the epoxy.  The ultimate strength of the strengthened bridge deck could not be determined in 
the laboratory tests due to limitations in the loading system. Strengthening existing non-
composite bridge decks by the addition of shear connectors may still represent a useful 
retrofit strategy, but additional work is needed to develop effective and economical methods 
to install shear connectors.   

 



 139

Chapter 7: 
Summary and Conclusions 

7.1 REVIEW OF PROJECT SCOPE AND OBJECTIVES 
There are a large number of older on-system metal truss bridges still in vehicular service in 

Texas.  A number of these are of significant historical interest due to their age and other unique features, 
and are either listed or eligible for the National Register of Historic Places.  Considerable interest exists in 
maintaining historic metal truss bridges in continued vehicular service.  However, achieving this goal is 
often problematic due to structural and functional deficiencies found in these bridges.  The structural load 
rating can often be low due to the initial low design loads used for the bridge combined with damage and 
deterioration that has occurred over the service life of the bridge.   

The primary objective of the study reported herein was to address structural issues involved with 
historic on-system truss bridges in Texas.  More specifically, the objective was to examine methods that 
can be used to develop an accurate and realistic load rating for an older truss bridge.  Based on commonly 
used evaluation procedures, many of these older truss bridges may show deficient load ratings based on 
current standards such as HS20.  This study examined if such low load ratings accurately reflect the true 
load carrying capacity of these bridges, and whether more realistic load ratings can be achieved through 
the use of more accurate structural analysis methods and field load testing.  This study also briefly 
examined a potential technique for strengthening floor systems on older truss bridges. 

In order to examine issues involved in the structural evaluation of older on-system metal truss 
bridges, two case study bridges were investigated in detail.  The first case study bridge was located in 
Llano, Texas, and the second in Goliad, Texas.  These bridges, typical of the circa 1930 on-system truss 
bridges, featured non-composite slab on steel girder bridge decks and Parker trusses.  Each bridge was 
studied through the use of conventional AASHTO load rating techniques, the use of more advanced 
structural analysis models, and extensive field load testing.  In addition to the two detailed case studies, a 
full scale laboratory experimental investigation was conducted on a single bay of a typical slab on steel 
girder truss bridge floor system in order to examine the structural response of the floor system in greater 
detail. 

7.2 SUMMARY OF MAJOR PROJECT TASKS AND FINDINGS 

7.2.1 Llano Case Study Bridge 
The first case study bridge studied in detail was located in Llano, Texas.  Known as the Roy Inks 

Bridge, the main structure spans approximately 800 ft. over the Llano River, and was constructed in 1936.  
The bridge consists of four main spans, each approximately 200 ft. in length.  Each span is a Parker 
through-truss, with a non-composite slab on steel beam and stringer floor system.   

Material properties such as yield strength of the steel and concrete compressive strength were not 
specified on the available drawings for the Llano Bridge.  Given unknown material properties, AASHTO 
provides guidelines for values to use based on the date of construction.  For the Llano Bridge, this 
resulted in estimates of yield strength of steel equal to 30 ksi, and concrete compressive strength of 2.5 
ksi.  These values were used in the initial load rating.   

Initial evaluation of the bridge indicated that the truss members showed inventory load ratings 
well in excess of HS20 using standard AASHTO load rating techniques.  Consequently, the truss 
members themselves did not pose a problem with respect to inadequate load rating.  However, the steel 
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beams and stringers in the bridge floor system showed inventory ratings well below HS20, using standard 
AASHTO based load-rating techniques.   

The original mill certificates for the steel used in the Llano Bridge were available in TxDOT files.  
These mill certificates indicated that the yield stress of the beams and stringers was approximately 36 ksi, 
a substantial increase over the initially assumed value of 30 ksi.  To confirm the information on the mill 
certificates, samples were removed from the flanges of two of the transverse beams.  Tensile tests 
performed on these samples showed yield stresses of approximately 36 ksi.  Using this higher yield 
strength, longitudinal stringers rated approximately 25 percent over an HS20 loading.  Transverse beams, 
while still rating under HS20, had their load deficiency reduced to approximately 10 percent.  Obtaining 
more accurate estimates of steel material properties by recovering mill certificates and by removing and 
testing samples of steel from the bridge proved to be a useful and economical measure to develop an 
improved load rating. 

Based on initial evaluation of the Llano Bridge, it was clear that the floor system was controlling 
the load rating, and was the primary structural issue of concern for the bridge.  Subsequent studies of the 
Llano Bridge therefore focused on the floor system. 

An elastic finite element model was developed for the bridge floor system to determine if a higher 
load rating could be justified by using analysis methods that are more advanced and more exact than used 
in conventional load rating.  The model was constructed using the commercially available finite element 
analysis software package SAP2000.  The bridge floor model used standard beam elements to represent 
the beams and stringers, and shell elements to represent the concrete slab.  The model was constructed to 
represent a floor system with no composite action between the steel members and the concrete slab.  
AASHTO HS20 truck loads were applied in positions on the model to produce maximum flexural 
response for both stringers and beams.  The maximum moments due to live load effects where computed 
and used to load rate the members. 

The finite element analysis showed significantly lower moments in the stringers and beams than 
conventional AASHTO calculations.  This reduction in moment was attributed to two factors.  One factor 
was that the finite element analysis predicts that the reinforced concrete slab resists substantial moment, 
thereby reducing the moment that must be carried by the steel beams and stringers.  Thus, even without 
composite action, the finite element analysis shows that the slab provides a significant contribution to the 
load carrying capacity of the bridge deck.  Conventional AASHTO load rating procedures do not regard a 
non-composite slab as a load carrying part of the deck system.  A second factor was that the finite element 
analysis predicted a different and more advantageous distribution of moments among the steel members 
than obtained from the AASHTO calculations. 

The critical members controlling the load rating of the Llano Bridge were the transverse floor 
beams.  With the reduction in live load moment predicted by finite element analysis combined with a 
yield stress based on measured values, it was possible to demonstrate an inventory load rating for the 
transverse beams, and therefore for the entire bridge, in excess of HS 20.  Consequently, the use of simple 
finite element analysis for the bridge floor system proved to be a valuable tool for developing an 
improved load rating. 

Field load tests were subsequently conducted on the Llano Bridge to obtain the most accurate 
assessment of live load effects on the floor system, and to assess the accuracy of the finite element model.  
In these tests, selected portions of the floor system were instrumented with strain gages.  Trucks of known 
weight and geometry were then driven slowly over the bridge, and the response of the instrumented 
members was measured. 

The field test data showed live load stresses in the floor beams and stringers that were 
significantly lower than predicted by the standard AASHTO load rating.   In many cases, the field test 
data showed stresses that were less than half of those predicted by standard AASHTO calculations.  This 
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confirmed that the bridge floor system was significantly stronger than indicated by the standard load 
rating, and that an increased load rating for the bridge floor members is justified. 

The field test data also showed live load stresses smaller than predicted by the finite element 
model of the bridge floor system.  However, the difference between the field test data and the finite 
element model predictions were much smaller than the difference with the standard load rating 
calculations.  The field test data showed stresses that were 5 percent smaller than predicted by the finite 
element analysis for the stringers, and 25 percent smaller for the transverse beams.  Thus, the finite 
element model, although predicting much smaller stresses than standard load rating calculations, still 
provided conservative predictions compared to field test data.   

The field data showed that some of the floor members exhibited a small degree of unintended 
composite action with the concrete slab.  Where composite action was measured, it most frequently 
occurred in the longitudinal stringers rather than in the transverse beams.  The composite action, however, 
was not consistent in all loading positions nor was it necessarily constant along the length of the member.  
Based on the field test data, it appears that composite action cannot be relied upon as a significant or 
consistent source of additional strength in the bridge floor system. 

7.2.2 Goliad Case Study Bridge 
Subsequent to the Llano field tests, an opportunity arose to investigate a similar truss bridge 

located on US 183, crossing the San Antonio River in Goliad, Texas.  The Goliad Bridge was very similar 
to the Llano Bridge, except that it was slightly smaller, and consisted of only one span, as compared to the 
four spans at Llano.  The floor system of the Goliad Bridge was also very similar to that of the Llano 
Bridge, consisting of a non-composite slab over steel beams and stringers.  As with the Llano Bridge, an 
initial evaluation of the Goliad Bridge indicated that floor beams and stringers controlled the load rating 
of the bridge.   

The floor system of the Goliad Bridge was evaluated three ways: by conventional AASHTO load 
rating calculations, by elastic finite element analysis, and by field load testing.  The Goliad Bridge was 
scheduled for replacement and demolition, and the bridge was load tested just prior to demolition.  
Consequently, the testing was performed to a much higher load, since a limited amount of yielding could 
be tolerated.  The highest loading used in the Goliad test was approximately a 57 kip axle load, almost 80 
percent higher than an HS20 axle.   

The overall trend in results for Goliad was quite similar to the Llano Bridge.  Stresses in the floor 
members predicted by the AASHTO calculations were significantly higher than the stresses predicted by 
finite element analysis.  The stresses predicted by finite element analysis, in turn, were somewhat higher 
than those measured in the field test.   

The Goliad field load test confirmed that the finite element model of the bridge deck provided a 
significantly more accurate prediction of member response than that obtained from conventional 
AASHTO calculations.  The stresses measured in the floor beams and stringers were significantly lower 
than predicted by the AASHTO calculations, indicating that the conventional AASHTO calculations 
significantly underestimate bridge deck capacity.  The stresses predicted by the finite element analysis 
were much closer, although still somewhat higher, compared to those measured in the field test.  Thus, as 
was the conclusion from the Llano test, the Goliad test indicated that the finite element analysis provides 
a very useful tool for load rating.  The finite element analysis provides a more realistic, but still somewhat 
conservative prediction of the response of the bridge floor members to truck loading. 

As with the Llano Bridge, the deck of the Goliad truss bridge did not have shear connectors for 
the development of composite action.  The field test data for the Goliad Bridge showed the development 
of some composite action, primarily in the longitudinal stringers.  A similar observation was made in the 
Llano field tests.  Other researchers have observed such unintended composite action in other field tests 
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on bridges without mechanical shear connectors.  The question arises as to whether this additional 
strength can be utilized in the evaluation and load rating of the bridge deck. 

Data collected in the Goliad field test showed that at higher load levels slip occurred between the 
steel and concrete, and that most of the unintended composite action was in fact lost.  Some researchers 
have suggested taking advantage of unintended composite action in load rating bridges.  However, based 
on the data collected in the Goliad field test, it appears that such unintended composite action may not be 
sufficiently reliable for use in capacity determinations. 

7.2.3 Laboratory Investigation 
The final task of this research study was an experimental investigation of a full-scale portion of a 

non-composite slab on steel girder bridge deck.  The laboratory model was similar in member sizes and 
geometry to the bridge decks on the Llano and Goliad truss bridges.  The primary goal of the 
experimental study was to provide further data on the distribution of forces and stresses within the beams 
and stringers of the floor system and to corroborate the field test data and finite element analysis.  The 
laboratory model of the floor system provided the opportunity to conduct more extensive testing than 
possible in the field and permitted the use of simpler and better defined boundary conditions for 
comparison with finite element models.  The laboratory bridge deck model was also subsequently used 
for preliminary evaluation of a potential strengthening scheme for the bridge deck. 

Loads were applied to the laboratory model at a variety of locations and with varying magnitudes.  
For each load case, the stresses measured in the beams and stringers were compared to the stresses 
predicted using conventional AASHTO load rating calculations and using an elastic finite element model. 

The same trends seen in the case study bridges were also seen in the laboratory experimental 
investigation.  The stresses measured in the transverse beams and longitudinal stringers of the laboratory 
bridge deck model were significantly less than the stresses predicted using calculation methods typically 
used for AASHTO load rating.  Simple finite element modeling of the laboratory bridge deck specimen 
predicted stresses much closer to the measured values.  However, the stresses predicted by the finite 
element model were still somewhat higher than the measured values.  The laboratory model confirmed 
that a simple finite element analysis of the bridge deck can provide a significantly improved prediction of 
stresses as compared to conventional AASHTO based calculations, while still providing overall 
conservative results. 

As in the field tests, some composite action was found in the longitudinal stringers of the 
laboratory model, but not the transverse beams.  The degree of this unintended composite action was 
higher than what was found in the field, but still relatively small. 

The results of the various tests and analyses conducted for the Llano and Goliad Bridge floor 
systems as well as for the laboratory model consistently showed that the load rating of the floor beams 
and stringers can be increased through the use of improved structural analysis, specifically by finite 
element analysis.  In some cases, however, this improved load rating may still fall short of the desired 
load rating.  For such cases, some degree of strengthening may be needed for selected bridge floor 
members.  Consequently, as the final step in this investigation, a simple strengthening measure was 
examined using the laboratory bridge deck model.  The trial method selected for strengthening was the 
addition of shear connectors between the transverse steel beams and concrete floor slab.  The existing 
floor systems in the Llano and Goliad bridges had no shear connectors, and similarly the laboratory model 
was constructed without shear connectors.  The field and laboratory test data show a small degree of 
composite action was developed in these bridge decks, likely due to friction between the top of the steel 
beams and the bottom of the concrete slab.  However, both the field test and experimental data show that 
this unintended composite action may be reduced due to slip at higher load levels, and therefore does not 
provide a reliable source of additional strength.  The addition of shear connectors was therefore 
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investigated as a means to add a reliable and predictable degree of composite action to the bridge floor 
system.   

In the strengthening scheme, threaded steel studs were stud welded to the bottom side of the top 
flange of the transverse beams.  The threaded studs were connected to steel plates, which extended 
beyond the edge of the beam flange.  Threaded rods where then installed through predrilled holes in the 
plate up into the underside of the slab, and secured with epoxy, and then tightened down to clamp the top 
flange to the slab. 

Test results did not show any measurable increase in stiffness or reduced stress in the model after 
the retrofit was completed, under the load levels used in the tests.  Although the retrofit was intended to 
provide only partial composite action, before retrofit and after retrofit tests gave nearly identical measured 
stresses and deflections.  Because of the absence of any change in response, it is believed that the 
threaded rods simply did not engage the steel and slab in any shear transfer.  Gaps around the threaded 
rods and welded shear studs may not have been adequately filled with the epoxy. 

 The test loads used on the laboratory model were well above HS20, but still within the elastic 
range of the model.  The ultimate strength of the strengthened bridge deck could not be determined in the 
laboratory tests due to limitations in the laboratory loading system.  Strengthening existing non-composite 
bridge decks by the addition of shear connectors may still represent a useful retrofit strategy, but 
additional work is needed to develop effective and economical methods to install shear connectors and 
testing to ultimate strength levels is needed. 

7.3 CONCLUSIONS 
The circa 1930 Parker truss bridges investigated in this research program had adequate strength in 

the truss members to permit an HS20 load rating.  However, the steel beams and stringers in the bridge 
floor systems generally showed load ratings well below HS20 using standard AASHTO based load rating 
techniques.  Consequently, the floor systems in these truss bridges are the critical element controlling the 
load rating. 

The results of this study have shown that the use of standard AASHTO load rating techniques 
substantially underestimates the strength of the floor beams and stringers.  A significantly more accurate 
prediction of the structural response of the floor members to truck live loads can be achieved by 
conducting an elastic finite element analysis of the bridge floor system.  Comparison with extensive field 
load test results and with laboratory test results shows that finite element analysis provides a more 
realistic but still somewhat conservative prediction of floor member response.  Analysis of the floor 
system using a finite element model can be used to support a significantly improved load rating for older 
truss bridges. 
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Appendix A: 
Field Load Test Data: Llano Test No. 1 

As described in Chapter 4, two field tests were conducted on the case study bridge 
located in Llano, Texas. Appendix A contains results from the first Llano field load test, 
conducted on February 9, 1999.  In this test, selected portions of the deck system were 
instrumented with strain gages.  Trucks of known weight and geometry were then driven slowly 
over the bridge, and the response of the instrumented members was measured.  The measured 
strains were converted to stress and plotted versus the position of the load truck on the bridge.  
The load vehicles were driven south. Consequently, the graphic showing gage location on each 
plot faces in a southerly direction.  The stringers are numbered 1 though 6, with stringer 1 the 
western-most stringer.  Figure A1 shows the truck dimensions and average weight of the two 
trucks used in the test.   
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Figure A 1: Load truck dimensions and average weights for Llano field test No. 1 



 151

-3

-2

-1

0

1

2

3

4

-5 5 15 25 35 45

Front Wheel Position (ft)

St
re

ss
 (k

si
)

Bottom Flange

Mid Web

Top Flange

x

X gage position

 

Figure A 2: Beam 1 
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Figure A 3: Midspan stringer 4 
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Figure A 4: Midspan stringer 1 
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Figure A 5: Midspan stringer 2 
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Figure A 6: Midspan stringer 3 
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Figure A 7: Midspan stringer 5 
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Figure A 8: Midspan stringer 6 
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Figure A 9: Beam 2 
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Figure A 10: Midspan stringer 7 
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Figure A 11: Beam 1 
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Figure A 12: Beam 1 
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Figure A 13: Midspan stringer 4 
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Figure A 14: Midspan stringer 1 
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Figure A 15: Midspan stringer 2 
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Figure A 16: Midspan stringer 3 
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Figure A 17: Midspan stringer 5 
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Figure A 18: Beam 2 
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Figure A 19: Midspan stringer 7 
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Figure A 20: Beam 2 

 
 

-2

-1.5

-1

-0.5

0

0.5

1

1.5

2

2.5

-5 5 15 25 35 45

Front Wheel Position (ft)

St
re

ss
 (k

si
)

Bottom Flange

Mid Web

Top Flange

x

X gage position

 

Figure A 21: Beam 1 
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Figure A 22: Midspan stringer 4 
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Figure A 23: Midspan stringer 3 



 162

-4

-3

-2

-1

0

1

2

3

4

-5 5 15 25 35 45

Front Wheel Position (ft)

St
re

ss
 (k

si
)

Bottom Flange

Mid Web

Top Flange

 

Figure A 24: Midspan stringer 5 
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Figure A 25: Midspan stringer 6 
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Figure A 26: Beam 2 

 
 

-4

-3

-2

-1

0

1

2

3

4

20 30 40 50 60 70

Front Wheel Position (ft)

St
re

ss
 (k

si
)

Bottom Flange

Mid Web

Top Flange

 

Figure A 27: Midspan stringer 7 
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Figure A 28: Beam 2 

 
 

-2.5

-2

-1.5

-1

-0.5

0

0.5

1

1.5

2

2.5

-5 5 15 25 35 45

Front Wheel Position (ft)

St
re

ss
 (k

si
)

Top Flange

Mid Web

Bottom Flange
x

X gage position

 

Figure A 29: Beam 1 
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Figure A 30: Midspan stringer 4 
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Figure A 31: Midspan stringer 1 
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Figure A 32: Midspan stringer 2 
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Figure A 33: Midspan stringer 3 
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Figure A 34: Midspan stringer 5 
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Figure A 35: Beam 2 
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Figure A 36: Midspan stringer 4 
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Figure A 37: Beam 2 
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Figure A 38: Beam 1 
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Figure A 39: Midspan stringer 4 
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Figure A 40: Midspan stringer 1 
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Figure A 41: Midspan stringer 2 
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Figure A 42: Midspan stringer 3 
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Figure A 43: Midspan stringer 5 
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Figure A 44: Beam 2 
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Figure A 45: Midspan stringer 7 
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Figure A 46: Beam 2 
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Appendix B: 
Field Load Test Data: Llano Test No. 2 

Appendix B contains results from the second Llano field load test, conducted on April 15, 
1999.  In this test, selected portions of the deck system were instrumented with strain gages.  
Trucks of known weight and geometry were then driven slowly over the bridge, and the response 
of the instrumented members was measured.  The measured strains were converted to stress and 
plotted versus the position of the load truck on the bridge.  The load vehicles were driven south. 
Consequently, the graphic showing gage location on each plot faces in a southerly direction.  The 
stringers are numbered 1 though 6, with stringer 1 the western-most stringer.  Figure B1 shows 
the truck dimensions and average weight of the two trucks used in the test. 
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4"-6"

6'-6"

6'

Average Front
Axle Weight:

10.3 kips

Average Rear
Tandem Weight:

33.7 kips

 
Figure B 1: Load truck dimensions and average weights for the second Llano test 
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Figure B 2: Beam 1 
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Figure B 3: Beam 1 
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Figure B 4: Midspan stringer 1 
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Figure B 5: Midspan stringer 2 
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Figure B 6: Midspan stringer 3 
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Figure B 7: Midspan stringer 4 
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Figure B 8: Midspan stringer 5 
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Figure B 9: Midspan stringer 6 
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Figure B 10 Beam 2 

 
 

-6

-5

-4

-3

-2

-1

0

1

2

3

4

5

-5 5 15 25 35 45 55 65

Front Wheel Position (ft)

St
re

ss
 (k

si
)

X gage position

x
 Bottom Flange

 Top Flange

 

Figure B 11: Beam 2 
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Figure B 13: Beam 2 
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Figure B 14: Beam 1 
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Figure B 15: Beam 1 
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Figure B 16: Midspan stringer 2 
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Figure B 17: Midspan stringer 3 
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Figure B 18: Midspan stringer 4 
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Figure B 19: Midspan stringer 5 
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Figure B 20: Beam 2 
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Figure B 21: Beam 2 
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Figure B 23: Beam 2 
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Figure B 24: Beam 1 
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Figure B 25: Beam 1 
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Figure B 26: Midspan stringer 3 
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Figure B 27: Midspan stringer 4 
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Figure B 28: Midspan stringer 5 
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Figure B 29: Midspan stringer 6 
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Figure B 30: Beam 2 
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Figure B 31: Beam 2 
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Figure B 33: Beam 2 
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Figure B 34: Beam 1 
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Figure B 35: Beam 1 
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Figure B 36: Midspan stringer 2 
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Figure B 37: Midspan stringer 3 
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Figure B 38: Midspan stringer 4 
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Figure B 39: Midspan stringer 5 
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Figure B 41: Beam 2 
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Figure B 42: Beam 2 
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Figure B 43: Beam 2 



 198

-2

-1.5

-1

-0.5

0

0.5

1

1.5

2

2.5

-5 5 15 25 35 45

Front Wheel Position (ft)

St
re

ss
 (k

si
)

Bottom Flange

 Top Flange

Mid Web

x

X gage position

 

Figure B 44: Beam 1 
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Figure B 46: Midspan stringer 2 
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Figure B 47 Midspan stringer 3 
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Figure B 48 Midspan stringer 4 
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Figure B 49: Midspan stringer 5 
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Figure B 50: Beam 2 

 
 

-3

-2

-1

0

1

2

3

4

-5 5 15 25 35 45 55 65 75

Front Wheel Position (ft)

St
re

ss
 (k

si
)

Bottom Flange

Mid Web

South Side Top Flange
North Side Top Flange

x

X gage position

 

Figure B 51: Beam 2 
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Figure B 52: Beam 2 
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Figure B 53: Beam 2 
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Appendix C: 
Field Load Test Data: Goliad Test  

 

Appendix C contains results from the Goliad field load test.  In this load test, selected 
portions of the deck system were instrumented with strain gages.  A truck of known weight and 
geometry was then driven slowly over the bridge, and the response of the instrumented members 
was measured.  The measured strains were converted to stress and plotted versus the position of 
the load truck on the bridge.  For the Goliad tests the load vehicles were driven north. 
Consequently, the graphic showing gage location on each plot faces in a northerly direction.  The 
stringers are numbered 1 though 6, with stringer 1 the western-most stringer.  Figure C1 shows 
the truck dimensions.  Each individual plot has a graphic depicting the axle weights used in that 
particular test run.   
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Figure C 1: Load truck dimensions for the Goliad field load test 
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Figure C 2: Beam 4 
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Figure C 3: Beam 4 
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Figure C 4: Beam 4 
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Figure C 5: South quarter point of stringer 3 
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Figure C 6: North quarter point of stringer 3 
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Figure C 7: Midspan stringer 3 
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Figure C 8: Midspan stringer 4 
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Figure C 9: Beam 5 
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Figure C 10: Beam 4 
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Figure C 11: Beam 4 
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Figure C 12: Beam 4 
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Figure C 13: South quarter point of stringer 3 
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Figure C 14: North quarter point of stringer 3 
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Figure C 15: Midspan stringer 3 
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Figure C 16: Midspan stringer 4 
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Figure C 17: Beam 5 
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Figure C 18: Beam 4 
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Figure C 19: Beam 4 
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Figure C 20: Beam 4 
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Figure C 21: South quarter point of stringer 3 
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Figure C 22: North quarter point of stringer 3 
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Figure C 23: Midspan stringer 3 
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Figure C 24: Midspan stringer 4 
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Figure C 25: Beam 5 
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Figure C 26: Beam 4 
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Figure C 27: Beam 4 
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Figure C 28: Beam 4 
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Figure C 29: South quarter point of stringer 3 
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Figure C 30: North quarter point of stringer 3 
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Figure C 31: Midspan stringer 3 
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Figure C 32: Midspan stringer 4 
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Figure C 33: Beam 5 
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Figure C 34: Beam 4 
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Figure C 35: Beam 4 
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Figure C 36: Beam 4 
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Figure C 37: South quarter point of stringer 3 
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Figure C 38: North quarter point of stringer 3 
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Figure C 39 Midspan stringer 3 
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Figure C 40: Midspan stringer 4 
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Figure C 41: Beam 5 
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Figure C 42: Beam 4 
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Figure C 43: Beam 4 
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Figure C 44: Beam 4 
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Figure C 45: South quarter point of stringer 3 
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Figure C 46: North quarter point of stringer 3 
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Figure C 47: Midspan stringer 3 
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Figure C 48: Midspan stringer 4 
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Figure C 49: Beam 5 
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Figure C 50: Beam 4 
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Figure C 51: Beam 4 
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Figure C 52: Beam 4 
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Figure C 53: South quarter point of stringer 3 
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Figure C 54: North quarter point of stringer 3 
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Figure C 55: Midpoint stringer 3 
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Figure C 56: Midpoint stringer 4 
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Figure C 57: Beam 5 
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Figure C 58: Beam 4 
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Figure C 59: Beam 4 



 234

-8.0

-6.0

-4.0

-2.0

0.0

2.0

4.0

6.0

8.0

10 30 50 70 90 110 130

Front Wheel Position (ft)

St
re

ss
 (k

si
)

x

X gage position

Top Flange

Bottom Flange

Mid web

Axle loads

57.3k 29.9k 10.9k

 

Figure C 60: Beam 4 
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Figure C 61: South quarter point of stringer3 
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Figure C 62: North quarter point of stringer 3 
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Figure C 63: Midspan stringer 3 
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Figure C 64: Midspan stringer 4 
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Figure C 65: Beam 5 
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Figure C 66: Beam 4 
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Figure C 67: Beam 4 
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Figure C 68: Beam 4 
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Figure C 69: South quarter point of stringer 3 
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Figure C 70: North quarter point of stringer 3 
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Figure C 71: Midspan stringer 3 
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Figure C 72: Midspan stringer 4 
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Figure C 73: Beam 5 




